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With the increasing demand for tunnels in sensitive urban environments, 
pressure balance mechanized tunneling is employed in most soft ground tunnel 
construction projects. Segmental tunnel lining is used in pressure balance mechanized 
tunneling as temporary and final support. With common service life requirements of 100 
and even 150 years, efficient design of pre-cast concrete segments can have 
considerable serviceability and economic importance. The aim of this thesis is to 
improve the understanding of ground-structure interaction of segmental lining in soft 
ground mechanized tunneling both in the main running tunnels and at cross-passage 
openings. Incorporating rare field data collected from the Northgate Link project in 
Seattle together with advanced three-dimensional (3D) finite-difference modeling 
(FDM), this research seeks to provide insight into segmental lining ground-structure 
interaction. 
As part of the effort to reduce surface settlement, pressure outside the TBM 
shield plays an important role in pressure balance mechanized tunneling. An advanced 
3D FDM model is presented for pressure balanced tunneling, where the annulus 
between the shield and ground is full of pressurized material, simplifying the modeling of 
the shield. The FDM results show that the final lining loads are controlled by the shield 
and chamber pressure, and the modeling of the TBM shield is not required, as the 
ground convergence is smaller than the annulus gap size. Extending the 3D FDM model 
for cross-passages, an advanced 3D ground-structure interaction model is proposed for 
cross-passages connecting segmentally lined tunnels. Validated using field data, the 
results show the difference between the loading processes of the break-in and break-
out. At the break-out opening, the loading process is controlled by the cross-passage 
opening formation, while at the break-in opening, the loading is controlled by the 
advance of the cross-passage excavation, as the ground confining the break-in area is 
gradually removed. The most critical points in regards to the load capacity of the cross-
passage opening support elements were found to be the segmental lining above and 
below the openings, and the bicone dowel shear capacity. In addition, this thesis 
investigates the ground response of a tunnel excavated by pressure balance 
mechanized TBMs in soft ground characterized by the hardening-soil small-strain (HSS) 
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model. A comprehensive parametric analysis using a series of 3D and axisymmetric 
FDM modeling is employed. The results show that longitudinal displacement profiles 
(LDP) assuming linear-elastic or elastic perfectly plastic (EPP) soil behavior compared 
to the more realistic HSS model can result in overestimation of pre-convergence prior to 
liner installation.  This over-estimation of the pre-convergence by EPP MC is shown to 
be as much as 20%. A new LDP solution for HSS is proposed for application in 
pressure balance TBM tunneling in soft ground, and the practical application of the new 
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CHAPTER 1  
THESIS INTRODUCTION 
In recent decades, there is increasing demand for tunnels in sensitive urban 
environments, and pressure balance mechanized tunneling (either earth pressure 
balance or slurry pressure balance) is employed on most soft ground tunnel 
construction projects. Single-pass pre-cast concrete segmental lining systems are 
widely used in pressure balance mechanized tunneling as initial and final support. 
These single-pass segmental lining systems must remain watertight and within 
serviceability conditions. As the pre-cast concrete segments can be a considerable part 
of the overall project cost, an efficient design of the segments can have considerable 
economic importance. With a better understanding of geomaterials, ground-structure 
interaction, and their influence on the lining loads, it is essential to keep improving 
design methods, tools, and assumptions to allow for safer and more economical design. 
While it is essential to keep design tools updated and increase prediction accuracy, it is 
also important to keep design tools simple and easy to implement. One such 
advancement is seen in computing power and the availability of 3D geotechnical 
commercial software packages. While 3D FEM/FDM analysis is used widely in 
academic research and also in engineering practice, 2D FEM/FDM analysis is still the 
primary tool in common practice engineering for analysis of tunnel behavior as it is 
significantly less time consuming and can give sufficiently accurate results 
(Vlachopoulos & Diederichs 2014, Do et al. 2013). On the other hand, implementing 
more complex material models such as the non-linear stiffness soil model is sometimes 
essential for a more accurate behavior prediction, as recognized by Benz (2006) that 
the use of strain hardening/softening soil models results in more accurate settlement 
trough predictions, and reduces excavation heave to a more realistic value. 
Improvements and innovations in the construction process can also influence 
lining loads and should be taken into account by the assumption used in design. While 
many widely accepted studies assume that the shield is in full contact with the 
surrounding ground, i.e., that the ground converges onto the shield (Kasper and 
Meschke, 2006, Do et al., 2013b, Ninic and Meschke 2017, Kavvadas et al., 2017), 
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based on very low surface settlement achieved in current slurry shield and earth 
pressure balance machines (EPBM) practice, it can be inferred that pressurized 
material fills the annular gap supporting the excavation (Nagel & Meschke 2011, 
Mooney et al. 2016, Dias & Bezuijen 2017, Mori 2016). Moreover, bentonite slurry 
injection lines are found in more soft ground mechanized tunneling projects in recent 
years to reduce surface settlements. While the influence of the annulus shield pressure 
on surface settlement as been studied (Mooney et al., 2016, and Litsas et al., 2017), the 
influence of the annulus shield pressure on lining load has not been investigated. 
In some complex tunnel problems, no simplified approaches have been 
developed, and the only way to design the structure and ensure the tunnel stability is by 
3D numerical analysis. One such case is the construction of cross-passages and 
temporary openings in the tunnel support. Cross-passages are an essential requirement 
in modern twin transit tunnels for emergency egress. The cost of these tunnels is 
substantial, yet their design is very conservative. The main two reasons behind this are, 
first, the catastrophic implications of cross-passage failure, and second is the complex 
nature of the 3D problem where little literature is available on the matter.   
 Research Motivation and Objective 
The proposed research will provide a better understanding of ground-structure 
interaction of segmental lining in soft ground mechanized tunneling and at cross-
passage openings. This will provide practicing engineers in the field of tunnel design 
additional tools and a deeper understanding of ground-structure interaction and liner 
load prediction. Incorporating rare field data collected from the Northgate Link project in 
Seattle together with advanced three-dimensional (3D) finite-difference modeling 
(FDM), this research provides valuable insight into ground-structure interaction of 
segmental lining. With the motivation to further the understanding of ground-structure 
interaction, the following four objectives were pursued: 
1. Investigate  the influence of TBM pressure on the segmental tunnel lining loading 
process using rare field data including measurements from segmental lining 
strain gauges, and develop a simplified 3D numerical model to predict tunnel 
3 
 
behavior with an emphasis on lining loads for pressure balance TBM tunneling in 
soft ground. 
2. Investigate longitudinal displacement behavior for pressurized mechanized 
tunneling in soft ground characterized by the hardening-soil small model, and 
suggest new longitudinal displacement profile (LDP) equations by an extensive 
parametric study using 3D and axisymmetric numerical analysis. 
3. Provide insight into lining load development during cross passage construction at 
the break-in/out of segmentally lined main tunnels using field data. 
4. Develop an advanced 3D numerical ground-structure interaction model for cross-
passages with a high degree of detail for the first time in available literature, and 
validate model accuracy with the rare field data collected. Study the behavior of 
ground-structure interaction for cross-passage constructed between segmentally 
lined tunnels and provide insight into lining load development at the break-in/out 
of segmentally lined main tunnels.  
This research aims to fill the knowledge gap existing in the understanding of 
ground-structure interaction of two components found in most soft ground mechanized 
tunneling projects. The first component is the influence of TBM support pressure on 
ground-structure interaction of pre-cast segmental tunnel lining used in pressurized 
tunneling in soft ground, and the second is the ground-structure interaction of cross-
passage openings in pre-cast segmental lining systems.  
One of the key behaviors in understanding ground-structure interaction of pre-
cast segmental tunnel lining is the longitudinal displacement behavior, which is a 
significant factor in the development of loads in tunnel lining. Existing longitudinal LDP 
equations were developed based on elastic or elastic perfectly-plastic ground for 
unsupported conventionally excavated tunnels. However, soil is known to behave non-
linearly under different stress-strain conditions. This is believed to have significant 
importance in soft ground mechanized tunneling. By using the hardening-soil small 
strain constitutive model with different internal TBM pressures in 3D numerical analysis, 
this research aims to investigate the ground response around a tunnel excavated in 
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hardening-soil small material and propose new LDP equations accounting for the 
internal pressure applied by pressure balance TBM tunneling.  
The load development at the openings of pre-cast segmental lining systems for 
the construction of cross-passages is a complex process and is found in almost every 
large scale twin tunnel project. Despite this, little research is available on the ground-
structure interaction of cross-passage openings. This research aims to provide insight 
into the ground-structure interaction at the openings of pre-cast segmental lining 
systems in soft ground and is the first to propose a 3D cross-passage numerical model 
validated by field monitoring data including rare segmental lining load data.  
 Thesis Organization  
This thesis consists of 6 chapters primarily composed of individual papers for 
publication in technical journals. Chapter 2 presents the background to the study, 
including segmentally lined tunnel ground-structure interaction, cross-passage ground-
structure interaction, and an overview of the Northgate Link projects and the field data 
used for this research project. Chapter 3 presents the results of the study that fulfill 
objective 1. This chapter presenting the paper titled “The Influence of Face and Shield 
Annulus Pressure on Tunnel Liner Load Development” was submitted and currently 
under review for publication in Tunnelling and Unground Space Technology. Chapter 4 
presents the results of the study that fulfill objective 2. This chapter presents the paper 
titled “Hardening-Soil-Small-Strain Longitudinal Displacement Behavior in Soft Ground 
Tunneling”. Chapter 5 presents the results of the study that fulfill objectives 3 and 4. 
This chapter presents the paper titled “Ground-Structure Interaction of Cross-Passage 
Tunnels Connecting Segmentally Lined Tunnels”. Chapter 6 discusses the conclusions 
and contributions of this thesis and makes suggestions for further research. In addition 
to the work presented in Chapters 2-5, the introductory work made by the author in the 
early stage of this research project and published in two conferences is presented in the 
Appendices. Appendix A presents the paper titled “Liner Load Estimation for Soft 
Ground Pressure Balance TBM Shield Tunnel Projects”. This paper presents a 
comparison of 2D plane strain numerical calculations with and without the use of the 
convergence-confinement method principles. Appendix B presents the paper titled 
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”Ground-Liner Interaction during Seattle Northgate Link Cross-Passage Construction”. 
This paper presents the results and analysis of ground-structure interaction from field 
measurements at the cross-passage openings during cross passage construction. 







CHAPTER 2  
 BACKGROUND AND LITERATURE REVIEW  
This chapter will present the background to this thesis in three parts: (1) an 
overview of ground-structure interaction pf segmental lining; (2) an overview of cross-
passage ground-structure interaction; (3) an overview of the Northgate Link project in 
Seattle, and the field data collected and used in this research.  
The construction method used for tunnel excavation and excavation support has 
great importance for ground-structure interaction and must be considered when 
choosing a design method (Moeller 2006). The focus of this research is on soft ground 
pressure balance mechanized tunneling (also known as closed-face tunneling or shield 
tunneling), supported by pre-cast segmental lining for the main tunnels, and sequential 
excavation method for cross-passage construction connecting twin bored tunnels. In the 
first part of this chapter, the existing approaches for ground-structure interaction in the 
estimation of structural tunnel liner loads are presented. In the second part of this 
chapter, the available literature on cross-passage ground-structure interaction is 
presented. In the third part of this chapter, the Northgate Link project in Seattle is 
presented in detail with rare field data from strain gauges installed in segmental lining 
rings, and convergence monitoring collected during cross-passage excavation. 
  Ground-Structure Interaction and Tunnel Lining Load Prediction  
Whether 2D or 3D numerical modeling is used (or analytical solutions) tunnel 
ground-structure interaction is controlled primarily by four factors: ground-liner stiffness 
ratio, ground pre-convergence, the interface between the lining and the ground, and 
coefficient of earth pressure at rest (Moorak and Cording 2006, Behnen et al. 2015). 
While the last factor is straight forward, capturing the first three requires an 
understanding of the tunnel components, tunneling construction process, and how the 
different modeling approaches control the ground-structure interaction and load 
development. This section will discuss the different modeling approaches with a focus 
on segmentally lined tunnels constructed by EPB TBMs. 
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2.1.1 Ground Pre-Convergence  
Modeling the ground-structure interaction with 2D plane strain analysis (by either 
numerical modeling or analytical calculation) requires assumptions to simulate the 
effects of the 3D tunneling process. One approach to accomplish this is the well-known 
convergence confinement method (CCM). The CCM addresses the three-dimensional 
problem of tunnel excavation and support as a two-dimensional problem of ground-
structure interaction (AFTES 2001). The method approaches the problem using three 
main components (Figure 2.1). First is the ground reaction curve (GRC), which relates 
the internal pressure 𝑃𝑖, to the tunnel radial displacement, (convergence). Second is the 
support reaction curve (SRC), which links the radial displacement of the tunnel to the 
support pressure. Third is the longitudinal displacement profile (LDP), which relates the 
tunnel boundary displacement 𝑢, to the position of the tunnel face 𝑋, and support 
installation. The key purpose of the LDP is to link the position at which the support is 
installed to the tunnel convergence (using the GRC) and in turn to the support pressure 
(using the SRC). 
Typically a normalized displacement (𝑢∗ = 𝑢/𝑢𝑚𝑎𝑥) is estimated as a function of 
the normalized distance (𝑋∗ = 𝑋/𝑅0), where 𝑢𝑚𝑎𝑥 is the maximum tunnel radial 
displacement at 𝑋∗ ≫ 𝑅0, and 𝑅0 is the tunnel radius. Various LDP relations have been 
proposed by different researchers for deep, circular tunnels in a non-gravitational 
isotropic stress field and in isotropic homogeneous ground. Panet and Guenot (1982), 
and Panet (1993) developed the first LDP equations for the linear elastic case behind 
the tunnel face that was later revised by Panet (1995): 𝑢∗(𝑋) = 𝑢𝑢𝑚𝑎𝑥 = 0.25 + 0.75 (1 − ( 0.750.75+𝑋∗)2)  for X > 0  (2.1) 
This solution is independent of soil properties. The maximum radial displacement 𝑢𝑚𝑎𝑥 
can be determined by analytical solutions or 2D numerical calculations for the analyzed 
case. Carranza-Torres and Fairhurst (2000) proposed a complete LDP solution (Eq. 
2.2) that covered both the region ahead and behind the face.  




Figure 2.1. Schematic representation of the relation between LDP, GRC, and SCC for 
use in the Convergence Confinement Method (after Fairhurst and Carranza-Torres, 
2002). 
 
Unlu and Gercek (2003) suggested that the LDP does not follow one continuous 
function, but two functions, with one describing the LDP ahead of the face (Eq. 2.3) and 
one behind the face (Eq. 2.4).  𝑢∗(𝑋) = 𝑢𝑢𝑚𝑎𝑥 = 𝑈0 + 𝐴𝑎 (1 + 𝑒(−𝐵𝑎2𝑋𝐷 ))  for X < 0   (2.3) 𝑢∗(𝑋) = 𝑢𝑢𝑚𝑎𝑥 = 𝑈0 + 𝐴𝑏 (1 + ( 𝐵𝑏𝐵𝑏+2𝑋/𝐷)2)  for X > 0   (2.4) 
where 𝑈0 = 0.22𝜈 + 0.19, 𝐴𝑎=−0.22𝜈 − 0.19, 𝐵𝑎=0.73𝜈 + 0.81, 𝐴𝑏=−0.22𝜈 + 0.81, and 𝐵𝑏=0.39𝜈 + 0.65. 
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Vlachopoulos and Diederichs (2009) advanced the LDP relation to account for 
the effects of large plastic zone development, assuming perfectly-plastic conditions with 
no dilation. This solution is valid from the elastic case to an extended plastic zone case. 
The Vlachopoulos and Diederichs (2009) LDP solution also covered both the region 
ahead of the face and behind the face with two different equations: 𝑢∗(𝑋) = 𝑢𝑢𝑚𝑎𝑥 = 𝑢0∗ ∙ 𝑒(𝑋∗)    for X < 0   (2.5) 
𝑢∗(𝑋) = 𝑢𝑢𝑚𝑎𝑥 = 1 − (1 − 𝑢0∗)𝑒−3𝑋∗2𝑅𝑝∗    for X > 0   (2.6) 
Here, 𝑅𝑝∗  is the normalized plastic radius 𝑅𝑝∗ = 𝑅𝑝/𝑅𝑜, 𝑅𝑝 is the plastic radius, and 𝑢0∗  is 
the normalized radial displacement at the face:   
𝑢0∗ = 𝑢0𝑢𝑚𝑎𝑥 = 13 𝑒−0.15(𝑅𝑝𝑅0)    for X = 0   (2.7) 
It should be noted that while this solution was developed for unsupported deep 
tunnels in hydrostatic stress conditions and elastic perfectly-plastic ground, many soft 
ground tunneling projects are excavated through soil with in-situ stress ratios other than 
unity, and non-linear soil stiffness. Vlachopoulos and Diederichs (2014) examined the 
limitation of using Eq. 2.5 and 2.6 for anisotropic stress states and supported tunnels. 
They found that the anisotropic stress state limits the accuracy of the standard LDP 
approach (Eq. 2.5 and 2.6). However, for practical purposes, it can be used based on 
isotropic stress state. A revised LDP was suggested by Vlachopoulos and Diederichs 
(2014) as a function of the distance from the face and the support installation position: 𝑢∗(𝑋) = 𝑢𝑢𝑚𝑎𝑥 = 11+𝑒0.6(1−0.1 𝑆𝑅𝑜)( 𝑆𝑅𝑜−5 𝑆𝑅𝑜−1)  for X > 0   (2.8) 
where 𝑆 is the distance between the face and the support installation position.  
It is also important to note that no literature was found on the effect pressure 
balance TBM tunneling on LDPs, where prior to the installation of the lining, the face of 
the excavation is supported by muck or slurry pressure, and the shield annulus is 
assumed to be pressurized as well. However, in common engineering practice, one 
approach is that 𝑢𝑚𝑎𝑥 should be taken as the final radial displacement with an internal 
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pressure according to the machine pressure, while for conventionally excavated 
tunnels, the LDP is calculated for the unsupported 𝑢𝑚𝑎𝑥.  
2.1.2 Joint Behavior 
Tunnel support stiffness has a significant influence on ground-structure interaction, 
where on the one hand, a stiffer support system will limit ground deformation; on the 
other hand, it will develop higher lining loads. The stiffness of the lining ring, being the 
overall capacity to resist deformation, is straight forward in the case of a cast-in-place 
concrete ring. However, in tunnels supported by pre-cast concrete segmental lining, the 
effect of the joints, specifically the longitudinal joints, has been widely studied and was 
found to notably influence overall lining behavior (Blom 2003, Do et al. 2013a, b, Arnau 
and Molins 2011a, b, and more). These joints have a lower ability to resist deformation 
compared to an intact segment and may reduce the overall ring stiffness. As illustrated 
in Figure 2.2, there are two types of joints: circumferential (ring) joints between two 
successive rings and longitudinal joints between segments in a single ring. 
 
Figure 2.2. Illustration of segmental tunnel lining and TBM shield. The figure shows the 
circumferential joints between rings and the longitudinal joints between segments in the 
same ring (Arnau and Molins, 2015). 
The effects of the joints are commonly addressed in calculations by one of two 
methods, the direct method and the indirect method. The direct method entails the 
modeling of each segment individually with a connection between them according to a 
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specific relation. The indirect method simplifies the problem by reducing the rigidity of a 
continuous tunnel liner model by a reduction factor. 
The indirect method simplifies the problem by reducing the rigidity of the continuous 
tunnel liner. This is commonly done by applying a reduction factor 𝜂, to the bending 
stiffness (𝐸𝐼) of a continuous tunnel ring (Eq. 2-9). 𝜂 = 𝐸𝐼𝑒𝑞𝐸𝐼             (2.9) 
One of the first approaches that took the segmental joint influence into consideration 
and is still widely used today is Muir Wood (1975). In this method, the reduction of 
stiffness is controlled by the number of joints and joint geometry. This reduction is 
performed by calculating the equivalent moment of inertia as follows: 𝐼𝑒𝑞 = 𝐼𝑗 + 𝐼𝑔 (4𝑛)2         (𝐼𝑒𝑞 < 𝐼, 𝑛 > 4)      (2.10) 
where 𝐼𝑔 and 𝐼𝑗 are the full moment of inertia and the segmental joint moment of inertia 
respectfully. The segmental joint moment of inertia is a geometric property determined 
from the joint neck thickness as follows:  𝐼𝑗 = 𝑎312                          (𝐼𝑗 ≪ 𝐼)         (2.11) 
Various testing programs have been carried out to examine the behavior of full-scale 
segmental tunnel lining systems (e.g. Hordijk and Gijsbers, 1996; Schreyer and 
Winselmann, 2000; Blom, 2002; Lu et al., 2006, Li et al., 2015; Jin et al., 2017; 
Caratellia et al., 2017; Gong et al., 2017). Few publications on experimental testing for 
segmental lining addressed the indirect method to model segmental rings. Among the 
few who have, Liu et al. (2017) found that under service loading, segmental ring 
behavior is consistent with that of a continuous ring with a back-calculated stiffness 
reduction factor. However, the value of the stiffness reduction or methods to calculate it 
were not discussed.  
The direct rotational stiffness of joints is commonly discussed in experimental testing 
publications as by Luttikholt (2007), who found the Janssen (1983) model to represent 
the moment-rotation behavior of the joint most accurately. As tensile forces cannot be 
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transferred between segments, and the normal force at the joint (either longitudinal or 
circumferential) has significant influence on the joint behavior. With a high normal force 
(longitudinal force at the circumferential joint and hoop force at the longitudinal joints) 
and low moments at the joint, the joint remains closed with only compression pressure 
on the entire cross-section. However, with a high bending moment, a gap will form when 
the pressure at the extrados/intrados becomes zero, leading to significant additional 
joint rotation. The Janssen model, based on Leonhardt and Reimann (1966), describes 
the joint behavior in the form of a moment-rotation relationship. First, while the joint 
remains closed with only compression pressure on the entire cross-section, the joint 
rotation is linear-elastic, described by Eq. 2.12. As the moments increase and the joints 
start to open (Figure 2.2), the rotational stiffness becomes non-linear, described by Eq. 
2.13.  {𝜙 = 𝑀ℎ𝐸𝐼 = 12 𝑀𝐸𝑎2𝑏}  𝑙𝑖𝑛𝑒𝑎𝑟 𝑝𝑜𝑟𝑡𝑖𝑜𝑛  𝑀 < 16 𝑁𝑎    (2.12) 
 {𝜙 = 8𝑁9𝑏𝑎𝐸(1−(2𝑀𝑁·𝑎)2)}  𝑛𝑜𝑛 − 𝑙𝑖𝑛𝑒𝑎𝑟 𝑝𝑜𝑟𝑡𝑖𝑜𝑛   𝑀 > 16 𝑁𝑎    (2.13) 
 




2.1.3 Ground/Grout Liner Interface 
In any tunneling problem, a ground-liner interface must be established. In the case 
of shield tunnels with segmental lining, cement grout is injected behind the shield, 
between the lining and the ground, and the pre-cast concrete lining is in contact with the 
grout and not directly with the ground. It is important to note that the interface of the 
relatively smooth surface of the pre-cast concrete segment is different from the interface 
between sprayed concrete (shotcrete) and the excavation surface.  
For the ground-liner interface, only two extreme interface conditions are usually 
assumed for analytical solutions (Rankin et al. 1978): full-slip with no transfer of 
tangential stress between the liner and the ground/grout, and no-slip conditions allowing 
the transfer of the shear tangential stress between the liner and the ground/grout. In 
numerical ground-structure interaction analysis, the interface can also be modeled with 
frictional contact. A zero coefficient of friction in which no tangential shear stress is 
transferred between the lining and the ground is analogous to the full slip condition 
(Sedarat et al. 2009). With the smooth finished surface of the pre-cast lining segments, 
the shear failure criterion between the lining and the annulus grout can be assumed 
closer to full-slip with low friction and zero cohesion. The interface model connects the 
ground/grout medium and the structural element by a deformable link, usually described 
by an elastic or elastic-perfectly plastic relation with a failure criterion (most commonly 
the Coulomb shear strength criterion). A common rule of thumb of both the normal 
stiffness and the tangential stiffness is one hundred times the equivalent stiffness of the 
neighboring soil element (Do et al. 2013). 
The use of one method over the second will affect both the bending moment and the 
thrust force of the tunnel lining. The full-slip assumption results in higher magnitude 
moments compared to no-slip, and an approximately uniformly distributed thrust force 
diagram around the tunnel liner. For the no-slip assumption, the thrust force diagram is 
not uniformly distributed, and its minimum and maximum thrust depend on the in-situ 
stress orientation and magnitude. 
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  Cross-Passage Construction 
Despite the complexity of cross-passage construction, and the complex 3D ground-
structure interaction behavior, little research is available in the literature on cross-
passage openings. The work available is divided herein according to two categories: 
openings in circular tunnels with monolithic lining (shotcrete or cast-in-place concrete) 
and openings in circular tunnels with segmental lining. 
2.2.1 Openings in Circular Tunnels with Monolithic Lining 
Much of the scarce research available on cross-passage construction, covers the 
stress concentration around openings in circular tunnels with monolithic lining (Jones, 
2007; Spyridis and Bergmeister, 2015; Battista et al., 2015; Li et al. 2016). Elastic 
closed-form solutions such as Kirsch are discussed in some cases for the prediction of 
stress redistribution in openings in tunnel linings (Jones, 2007, and Spyridis and 
Bergmeister, 2015). However, the ground-structure interaction strongly influences the 
stress redistribution in openings, as does the ground-liner stiffness ratio (Spyridis and 
Bergmeister, 2015). 
Jones (2007) studied stresses in sprayed concrete tunnel intersections by 3D 
computational modeling and pressure cell measurements from the Heathrow Terminal 5 
tunnel. The 3D model included a monolithic shotcrete liner modeled by linear-elastic 
shell elements connected to the Mohr-Coulomb soil medium. At a distance of 1 m from 
the opening, Jones (2007) found that the maximum axial stress concentration factor 
was about two, and the maximum bending stress concentration factor was about 1.5 for 
the base case model. These results showed good agreement with the pressure cell data 
from the Heathrow Terminal 5 tunnel. Jones (2007) concluded that the construction 
sequence and the explicit modeling of the ground-structure interaction controlled the 
stress concentration at the tunnels junction. 
Spyridis and Bergmeister (2015) investigated ground-structure interaction with a 
circular cross-section of both parent and child tunnels with elastic ground behavior. The 
study focused on the influence of geometry and elastic characteristics of the soil (mainly 
Young’s modulus) primarily using 3D numerical modeling. The ratio of the child tunnel 
over the parent tunnel diameter was 0.6, 0.75, or 0.9, and the ground stiffness varied 
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between 25 and 100 MPa. The 3D models were calculated in three steps: (1) geostatic 
conditions, (2) excavation of the parent tunnel and installation of lining (wished into 
place without pre-convergence), (3) removal of the breakout (without soil excavation). 
The results showed that the soil stiffness and the dimeter ratio have a strong influence 
on the axial forces and bending moments, where the former is more significant. With a 
decrease of the soil stiffness, the axial force and bending moment increase, and with an 
increase of diameter ratio, the axial force and bending moment also increase.  
2.2.2 Openings in Circular Tunnels with Segmental Lining 
The ground-stricture interaction of cross-passage openings in segmentally lined 
tunnels is significantly more complicated than the monolithic case. As one or more rings 
in the segmental lining are normally cut, the compression hoop force action is broken 
(Figure 2.3), and the stability of the ring is compromised (Lee and Choi, 2017). To 
address this, a number of temporary support elements are typically used. Most common 
are the full ring beam (‘hamster cage’), vertical steel propping with or without a header 
beam, and steel segments. With little research available in the literature on cross-
passage openings in segmentally lined tunnels, designers approach cross-passages 
with a high degree of conservativism, resulting in robust and costly temporary support 
elements. In recent years, coupling elements such as steel dowels and shear bicone 
dowels have been increasingly utilized (Lee and Choi, 2017, Walter et al. 2019, Ring 
2019) and allow for reductions in construction costs and complexities. However, the use 
of these coupling elements represents a less conservative design approach, and the 
lack of literature and understanding of cross-passage construction and ground-structure 




Figure 2.3. Stress distribution around opening in segmental tunnel lining (Lee and Choi, 
2017).a 
Kuyt et al. (2016) studied field data collected from cross-passage construction 
between twin segmentally lined tunnels in mixed ground conditions using data collected 
from the Brisbane Airport Link project. In this case, the cross-passage openings were 
supported by steel segments and hydraulic steel props (Figure 2.4). Vibrating wire strain 
gauges were installed on the opening steel segments, the steel props, and embedded 
within select reinforced concrete segments around the opening area. The first important 
ground-structure interaction process observed was the horizontal unloading effect on 
the running tunnel lining as the excavation advanced towards the breakout. As the 
excavation of the cross-passage advanced towards the break-in, redistribution of 
stresses ahead of the cross-passage face resulted in load redistribution in the tunnel 
lining at and around the break-in. However, Kuyt et al. (2016) found a relatively minor 
(10%) transfer of loads onto the segments surrounding the opening, as the ground and 
the installed steel jacking props took most of the hoop forces from the opening ring.  
 




Figure 2.4. Brisbane Airport Link project cross-passage monitoring components, 
including strain gauges in the concrete segments, hydraulic props, and steel segments. 
(Kuyt et al. 2016) 
In recent years, the use of shear bicone dowels has been adopted in many cases to 
transfer the hoop forces from the opened to the adjacent fully enclosed rings (Figure 
2.5). Depending on the inherent strength of the pre-cast concrete segment, the bicone 
may provide an allowable shear resistance on the order of 150-375kN per unit run of the 
ring (Lee and Choi, 2017). The capacity of the shear dowels themselves is sufficient in 
most cases; however, in combination with thin pre-cast segments (commonly 20-40 cm 
in thickness), the ultimate load capacity of the overall system (segment-shear dowel) 
poses a challenge due to failure of the concrete in shear. Gehwolf et al. (2016) 
conducted experimental tests on four different reinforcement layouts and found that the 
ultimate load capacity of the shear bicone system can change by as much as 85% 
between different reinforcement detailing. The coupling effect of the opening temporary 
support element has a significant influence on the structure stiffness affecting the soil-
structure stiffness ratio, and in turn controls the load development. This has to be 
assessed by 3D ground-structure interaction analysis, which is commonly performed in 




Figure 2.5. Illustration of shear bicones in circumferential joint (Lee and Choi, 2017). 
 Segmental Lining Strain Gauge Field Instrumentation and Monitoring 
2.3.1 Northgate Link Project Background 
The Northgate Link Extension project includes 5.6 km of twin bored tunnels and 23 
cross-passages. The tunnels run north from the University of Washington to Maple Leaf 
Portal in north Seattle. The twin bored tunnels were constructed using two earth 
pressure balance TBMs (EPBM) with excavation diameters of 6.64 m and a shield 
diameters of 6.44 m. The resulting 100 mm annular shield gap is larger than the vast 
majority of shield gaps that are typically on the order of 15-30 mm. The two tunnels 
were constructed with a center to center distance of about two diameters. The tunnels 
were supported with a single pass, gasketed segmental lining, 25 cm thick, and an 
extrados diameter of 6.25 m. Each ring is comprised of four full-size segments and key 
and counter key segments with a nominal width of 1.5 m, and a universal ring concept 
having an overall ring taper of 69.9 mm. The segment design concrete strength was 
55 MPa; the segments were reinforced with wire mesh with primary D14 reinforcement 
bars. 
The geology of the area through which the tunnels were constructed consists of 
complex and highly variable interlayered glacial and non-glacial soil deposits. As part of 
the geotechnical baseline report, the geological units were grouped into engineering soil 
units (ESU) based on their behavioral characteristics. All tunnel excavation was 
completed in the following glacially overridden ESUs: till and till-like deposits (TLD), 
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cohesionless sand and gravel (CSG), cohesionless silt and fine sand (CSF) and 
cohesive clays and silts (CCS).  
2.3.2 Instrumentation and Monitoring  
As part of the design of the cross-passage openings in the segmental lining of 
the main tunnels, three circumferential joints at each cross-passage opening were 
supportedwith shear bicone dowel connectors. The shear bicone dowels were used to 
transfer the load from the two segmental rings that were saw cut to form the cross-
passage opening, to the adjacent rings. To confirm the ring thrust forces in the 
segmental lining, 17 out of 23 cross-passage locations were instrumented with full 
Wheatstone bridge foil strain gauges connected by wireless RFID transmission. As 
detailed in Table 2.1, a total of 34 rings were instrumented. Typically, two rings were 
instrumented at each of these cross-passages, excluding cross-passage-34 where 
three rings were instrumented and cross-passage-43 where one ring was instrumented. 
At 8 cross-passage locations, the instrumented rings were installed in the NB tunnel that 
was excavated first, and at 8 cross-passage locations, the instrumented rings were 
installed in the SB tunnel excavated second. At one cross passage (cross-passage-34), 
two rings were instrumented in the NB tunnel, and one ring was instrumented at the SB 
tunnel (Table 2.1). 
Within each selected ring, three segments were instrumented – two full-size 
segments plus a key or counter key (Figure 2.6a). Each instrumented segment was 
outfitted with a set of two foil strain gauges welded to the reinforcement cage: one at the 
intrados, and one at the extrados, as shown in Figure 2.6b. The intrados strain gauge 
center axis depth from the segment extrados was 58 mm as the strain gauge is installed 
on #3 rebar (9.5 mm) welded to the underside of the longitudinal 14 mm diameter (i.e., 
away from the intrados concrete face) rebar welded to the primary reinforcement (14 
mm diameter), and minimum clearance is 25 mm. The extrados sister bar was installed 
on the exterior of the longitudinal reinforcement resulting in a depth of approximately 37 
mm for the extrados stain gauge center axis. Collection of the strain gauges readings 
required passing a flat panel RFID reading unit within 30 cm of the concrete surface in 
the vicinity of the embedded sensor. The monitoring schedule included an initial zero 
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strain reading after the welding of the sister bars prior to casting, followed by readings 
every two weeks after segment installation.  
 
Table 2.1. Instrumented ring number at each cross-passage. 
Cross passage # Instrumented ring # at NB tunnel Instrumented ring # at SB tunnel 
CP-43 - - 159 - 
CP-41 - - 464 462 
CP-40 - - 613 615 
CP-39 - - 745 747 
CP-38 - - 906 908 
CP-37 - - 1045 1047 
CP-36 - - 1205 1207 
CP-35 - - 1364 1366 
CP-34 1506 1508 1507 - 
CP-31 2028 2030 - - 
CP-30 2160 2162 - - 
CP-29 2313 2315 - - 
CP-28 2472 2474 - - 
CP-27 2571 2573 - - 
CP-24 3098 3100 - - 
CP-23 3242 3244 - - 
CP-22 3388 3390 - - 
 
The orientations of the strain gauges allowed measurement of the circumferential 
strain and interpretation of the stresses developed in the pre-cast segments. With 
known geometry and strain gauge depth, the measurements collected from a set of two 
strain gauges allowed for the estimation of both thrust force (hoop force) and bending 
moment. The sign conventions used convey positive values for compressive thrust force 





Figure 2.6. (a) Cross-section of a typical instrumented ring, with the instrumented 
segments marked A, B & C. (b) Segment cross-section at strain gauge location 
(dimensions in mm). (c) Strain gauge location on a typical segment plan view d) Sign 
convention for bending moments and thrust force.b 
 
With practically no tensile strains in the reliable strain gauge field data, the 
concrete strain distribution between the strain gauge positions and along the entire 
cross-section height is assumed to be linear (Figure 2.7). With known cross-section 
geometry and strain gauge depth, the measurements collected from a set of two strain 
gauges allowed for the estimation of the strains at both the extrados and the intrados by 
the following relationship: 𝜅 = 𝜀𝑠,𝑖𝑛𝑡−𝜀𝑠,𝑒𝑥𝑡𝑧           (2.14) 𝜀𝑖𝑛𝑡 = 𝜀𝑠,𝑖𝑛𝑡 + 𝜅 ∙ 𝑑𝑠         (2.15) 
 
b Figure 2.6 is also used in chapters 3, 4, and 5. 
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where 𝜀𝑠,𝑖𝑛𝑡 denotes the strain at the intrados strain gauge and 𝜀𝑖𝑛𝑡 denotes the strain at 
the intrados edge fiber, as shown in Figure 2.7. To convert the strain into stress, Eq. 
2.16 is used with a concrete elastic modulus of about 35 GPa (correlating to a concrete 
strength of 55 MPa). 𝜎 = −𝜀 ∙ 𝐸𝑐𝑜𝑛𝑐𝑟𝑒𝑡𝑒         (2.16) 
The expression for stress at the fiber in which the measurement was made is negative 
to have compressive stresses positive (Figure 2.6d), as is common practice in the 
geotechnical field. In order to find the lining thrust force 𝐹 and the bending moment 𝑀, 
expressions 2.17 and 2.18 are used: 
         (2.17) 𝑀 = 𝐼𝑔𝑦 (𝐹𝐴 − 𝜎𝑖𝑛𝑡) = 𝑊 (𝜎𝑒𝑥𝑡 − 𝐹𝐴)       (2.18) 
Where 𝐼𝑔 is the segment moment of inertia, and 𝑦 = ℎ/2. 
 
Figure 2.7. Assumed strain and stress distribution in the segment cross-section with 
installed strain gauges 
Out of 17 cross-passage locations, the data from 8 locations could not be used, 
as continuous strain readings were not collected from both intrados and extrados strain 
gauges (i.e., thrust force and bending moment could not be calculated) or the location of 
the strain gauge was not recorded (i.e., it could not be determined if the bending 
moments were positive or negative). The data collected at the remaining locations was 
𝐹 = 𝐴 𝜎𝑒𝑥𝑡 + 𝜎𝑖𝑛𝑡2  
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not always continuous, and only at two locations data was collected during cross-
passage construction.  
All strain gauge data collected can be seen in Appendix C. Figure 2.8 shows an 
example of strain gauge data collected from one ring at cross-passage-35. Here, 
continuous data was collected from only two sets of strain gauges, marked in the right 
side of the figure by the blue and green segments. From the third segment, data from 
only one strain gauge was collected and for only a short period, rendering the data 
unusable. For this location, data from all strain gauges was not collected during cross-
passage excavation. 
 
Figure 2.8. Strain vs. time in days of ring 1364 located at cross-passage-35. On the 
right is the color legend for the position of each strain gauge data set. 
Convergence monitoring was performed in both running tunnels at the cross-
passage openings and inside the cross-passages. Three cross-sections in each running 
tunnel at each cross-passage opening were instrumented (see Figure 2.9). In each 
cross-section, five optical reflective targets were installed according to the configuration 
shown in Figure 2.10. A manual survey was performed on a daily basis, beginning 20 
days prior to break-out. Inside each cross-passage, two cross-sections were 
instrumented in the first one-third of the excavation length and the second one-third of 
the excavation length. Three targets were installed in each cross-section, one at the 
crown and two at the spring-line of the cross-passage, as shown in Figure 2.10. The 
targets were installed in the full initial lining of the top heading approximately 1 m from 
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the face of the excavation. The first measurement (“zero” measured convergence) was 
taken before advancing to the next round of excavation.  
 
Figure 2.9. Plan view of a typical cross-passage with the locations of convergence 
monitoring cross-sections marked in red. 
 
Figure 2.10. Convergence monitoring optical target locations. On the left are running 




CHAPTER 3  
THE INFLUENCE OF FACE AND SHIELD ANNULUS PRESSURE ON TUNNEL LINER 
LOAD DEVELOPMENT  
A paper to be submitted to a journal paper with Dr. Michael A. Mooney, and Dr. 
Marte Gutierrez as co-authers. 
Abstract 
Three dimensional (3D) finite-difference analysis simulations together with rare 
field data from strain gauges installed in segmental lining rings at the Seattle Sound 
Transit Northgate Link tunnel project are examined to provide a better understanding of 
segmental liner loading developed during earth pressure balance shield tunneling. A 
simplified 3D numerical model is presented for pressure balanced mechanized 
tunneling, where the annulus between the shield and excavated ground is full of 
pressurized material, simplifying the shield shape, and the modeling of the annular gap. 
This simplification is based on the assumption that the shield annulus pressure controls 
the tunnel convergence prior to lining installation. While the presented model simplifies 
the modeling of the TBM shield, it captures the important components in shield 
tunneling, including the jointed segmental lining, grout injection pressure, time-
dependent grout hardening, and the non-liner soil behavior using the hardening soil 
constitutive model. The results of this study show that the final lining loads are 
controlled by the chamber pressure for pressure balance TBMs with pressurized 
material in the shield annulus. In the case study presented here, pressure drops of the 
chamber pressure (common in EPB tunneling due to excavation standstill), result in a 
significant influence on tunnel lining loads.  
 Introduction  
The estimation of structural liner loads in shield tunneling is influenced by 
assumptions made when computationally modeling shield-ground interaction and liner 
installation. One important design assumption pertains to the contact between the TBM 
shield and the surrounding soil. Due to overcutting of the TBM (i.e., the difference 
between the excavated diameter and the diameter of the TBM shield), a shield annulus 
gap exists between the shield skin and the surrounding ground (Nagel & Meschke 
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2011). While many widely accepted studies assume that the shield is in full contact with 
the surrounding ground, i.e., that the ground converges onto the shield (Kasper and 
Meschke, 2006, Do et al., 2013b, Ninic and Meschke 2017, Kavvadas et al., 2017), 
based on very low surface settlement achieved in current slurry shield and earth 
pressure balance machines (EPBM) practice, it can be inferred that pressurized 
material fills the annular gap supporting the excavation (Nagel & Meschke 2011, 
Mooney et al. 2016, Dias & Bezuijen 2017, Mori 2016). The pressurized material in the 
annular gap is hydraulically connected to the pressure at the excavation chamber as 
described in Figure 3.1. Theoretically, the pressure in the shield annulus is governed by 
the pressure difference between the face, and the grout injected from the tail shield 
(Nagel & Meschke 2011, Dias and Bezuijen 2017). Mori (2016) analyzed in-situ 
measured shield pressures of EPBM from the Seattle Northgate Link project to study 
the pressure of conditioned soil in the shield annulus. Using pressure sensors installed 
on the bulkhead together with additional locations on the shield exterior, Mori (2016) 
found that the pressure along the shield is connected to the pressure at the excavation 
chamber with very little pressure loss. Mori (2016) also found that the considerably 
higher tail shield grout pressure did not influence the shield annulus pressure. 
 
Figure 3.1. Schematic view of how the pressurized material fills the annular gap, 
allowing the pressure at the cutterhead chamber to be connected to the material in the 




Several researchers have developed 3D numerical models over the past two 
decades. Most of these studies incorporated models that do not consider pressurized 
material in the shield annulus, or concentrated on surface settlement and not lining 
loads, or were not validated with experimental results or field measurements. Kasper 
and Meschke (2006) developed a 3D numerical model for shield tunneling that included 
the closure of the excavation overcut (shield annulus) to full contact with the TBM shield 
while accounting for the shield taper (conical shape, with a larger diameter at the face). 
They investigated the influence of face pressure, grout pressure, and taper of the shield, 
among other factors. They found that higher face pressures led to a smaller stress 
release in the soil at the cutting face (arching), which led to a slight increase in lining 
thrust forces. The increase in face pressure also led to a decrease in the difference in 
lining pressure between the crown/invert and the spring-line resulting in a decrease in 
bending moment. They also found that higher grouting pressures resulted in higher 
lining thrust forces for the same reason. Ninic and Meschke (2017), based on the same 
3D model, conducted an extensive parametric study, investigating the influence of initial 
grouting pressure, grouting pressure gradient, and time-dependent grout stiffness. They 
concluded that the lining loads are significantly controlled by the grouting process, 
including the time-dependent stiffness and the distribution of grouting pressures. Neither 
study incorporated field measurements.  
Do et al. (2013b) developed a 3D numerical model to investigate the influence of 
lining joints on tunnel lining forces. They found a variation in bending moments between 
successive rings in a staggered segmental lining configuration, highlighting the 
significance of using a full 3D numerical model to obtain an accurate estimation. Do et 
al. (2013b) also used a shield annulus closure model where the soil comes into full 
contact with the shield. The results of this study were not compared with lining loads of 
field measurements. Litsas et al. (2017) investigated the effects of shield annulus 
pressure as well as the shield annulus size, grout pressure, and ground conditions on 
surface settlements by means of 3D numerical modeling. The 3D model also included 
the closure of the shield annulus to full contact with the tapered TBM shield. In addition 
to the assumption of no pressurized material in the shield annulus, Litsas et al. (2017) 
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investigated the influence of the shield annulus full of pressurized material by applying 
total pressure to the tunnel boundary (without modeling the pressurized material itself). 
The influence of two pressure gradient assumptions was investigated and compared 
with the no-pressure case. They found that for the partially filled shield annulus with a 
triangular pressure distribution applied at the front one-third and the tail one-third of the 
shield length (no support pressure at the mid one-third) almost no surface settlement 
reduction was observed. However, by applying a continuous pressure distribution 
connecting the face and grout pressures, a reduction of almost 50% in surface 
settlement compared to the no-pressure case model. Mooney et al. (2016) investigated 
the influence of slurry face and annulus pressure, and grouting pressure on surface 
settlements using 3D numerical modeling validated with data from the Queens bored 
tunnels project. In this study, the TBM shield was not explicitly modeled. Instead, the 
influence of the TBM was modeled by a boundary pressure at the tunnel face and along 
the shield annulus. They found that matching the TBM face and annulus pressure to the 
geostatic stresses at the crown, spring-line or invert, yielded minimal deformations. 
However, with the slurry vertical pressure gradient differing from the geostatic stresses, 
some ground deformation will always occur.  
In this paper, the influence of face and shield annulus pressure on tunnel lining 
loads is investigated using 3D numerical modeling and rare segmental lining load data. 
Combining the advanced structural modeling approach by Do et al. (2013b) and the 
modeling approach of the shield annulus pressure by Mooney et al. (2016), a simplified 
3D numerical model is presented and validated for pressure balanced TBM tunneling. In 
the proposed model, the excavation is supported by a radial pressure, modeling the 
shield annulus full of pressurized material simplifying the shield shape, cutterhead over-
cut, and annular gap behind the shield. EPBM face, shield annulus, and grout injection 
pressures monitored during construction are also used in this study to investigate the 
influence on the lining loads. To provide insight into different aspects of ground-
structure interaction, data from strain gauges installed in segmental lining rings at the 
Seattle Sound Transit Northgate Link tunnel project (Frank et al. 2015, and Epel et al. 
2019) are analyzed during the final state of geostatic loading and compared to the 
numerical analysis results.  
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 Field Measurement 
3.2.1 Northgate Link Project  
The Northgate Link Extension project includes 5.6 km of twin bored tunnels and 
23 cross passages. The tunnels run north from the University of Washington to Maple 
Leaf Portal in north Seattle (Epel et al. 2018a, b). The twin bored tunnels were 
constructed using two EPBM with an excavation diameter of 6.64 m and a shield 
diameter of 6.44 m. The resulting 100 mm annular shield gap is considerable and larger 
than the vast majority of shield gaps that are typically on the order of 15-30 mm. The 
two tunnels were constructed with a center to center distance of about 2 diameters. The 
tunnels were supported with a single pass, gasketed segmental lining, 25 cm thick, and 
an extrados diameter of 6.25 m. Each ring is comprised of four full-size segments and 
key and counter key segments with a nominal width of 1.5 m, and a universal ring 
concept having an overall ring taper of 69.9 mm. The segment design concrete strength 
was 55 MPa; the segments were reinforced with wire mesh with primary D14 
reinforcement bars. 
The geology of the area through which the tunnels were constructed consists of 
complex and highly variable interlayered glacial and non-glacial soil deposits. As part of 
the geotechnical baseline report, the geological units were grouped into engineering soil 
units (ESU) based on their behavioral characteristics. All tunnel excavation was done in 
the following glacially overridden ESUs: till and till-like deposits (TLD), cohesionless 
sand and gravel (CSG), cohesionless silt and fine sand (CSF) and cohesive clays and 
silts (CCS). Figure 3.2 shows geological conditions at the cross-section discussed in 
this paper with the Unified Soil Classification System (USCS) category of each ESU. 
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Figure 3.2. Northgate Link geological conditions of the cross-section discussed in this 
paper, located at station 1335+00 
3.2.2 Instrumentation and Monitoring  
As part of the monitoring program, foil strain gauges with full Wheatstone bridge 
and connected by wireless RFID transmission were installed in select pre-cast concrete 
segments. Data from one location/cross-section is presented in this paper. Within each 
selected ring, three segments were instrumented – two full-size segments plus a key or 
counter key. Each instrumented segment was outfitted with a set of two foil strain 
gauges welded to the reinforcement cage, one at the intrados, and one at the extrados, 
as shown in Figure 3.3. Collection of the strain gauges readings required passing a flat 
panel RFID reading unit within 30 cm of the concrete surface in the vicinity of the 
embedded sensor. The monitoring schedule included an initial zero strain reading after 
the welding of the sister bars prior to casting, followed by readings every two weeks 
after segment installation.  
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The orientations of the strain gauges allowed measurement of the circumferential 
strain and interpretation of the stress developed in the pre-cast segments. With known 
geometry and strain gauge depth, the measurements collected from a set of two strain 
gauges allowed for the estimation of both thrust force (hoop force) and bending 
moment. The sign conventions used convey positive values for compressive thrust force 
and positive for bending moment when the segment intrados is in tension (Figure 3.3d). 
In the discussed cross-section, only two rings were instrumented at the second (SB) 
tunnel excavated, referred to from this point forward as ring A and ring B with one ring in 
between the two instrumented rings.  
 
Figure 3.3. a) Cross-section of a typical instrumented ring, with the instrumented 
segments marked A, B & C. b) Segment cross-section at strain gauge location 
(dimensions in mm). c) Strain gauge location on a typical segment plan view d) Sign 
convention for bending moments and thrust force. 
3.2.3 Shield Annulus Pressure 
Figure 3.4 shows the pressure connectivity between the chamber and the shield 
annulus in the first tunnel (shield pressures were only monitored in the first tunnel 
excavated). The figure shows the pressure measured during the installation of rings 
1360-1368 located at the same cross-section of the instrumented rings in the second 
tunnel. The average difference between the upper chamber (sensor p6 Figure 3.5) and 
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the top tail shield sensor (sensor Ptail11 Figure 3.5) (corrected to the elevation of the 
chamber top sensor) at the first tunnel is approximately 5%. Table 3.1 shows the 
average pressures (over six rings prior to the installation of ring B) monitored during the 
excavation of both tunnels. When put in the context of the effective stress at spring-line 
depth, after balancing the water pressure, the effective support pressure 𝑝𝑖′  is 
approximately 0.13 and 0.10 of the effective vertical earth pressure 𝜎𝑣′   for the first and 
second tunnels respectfully (with 𝜎𝑣′   = 660 kPa and the hydrostatic water pressure is 60 
kPa). The shield pressures are adjusted to the elevation of the top and bottom chamber 
pressure sensors (Figure 3.5) by linear interpolation using a data-determined pressure 
gradient. In ideal EPBM construction, the support pressure is maintained relatively 
constant with gradual changes required as ground conditions change. The first support 
pressure assumption considered in this study is a constant face and shield annulus 
pressure, where the value of the face and shield annulus pressure does not change as 
the TBM advances. For the constant pressure case assumed in the numerical analysis 
discussed in section 3.4, the spring-line chamber pressures presented in Table 3.1 are 
used.   
 
Figure 3.4. Chamber and shield pressure vs. time at the NB tunnel (first tunnel 
excavated) during the installation of rings 1360-1368 located at the same cross-section 
of the instrumented rings installed in the second tunnel. The schematic of the TBM is 
shown on the plot with the locations of the pressure sensors and the corresponding 
color. Shield annulus pressures are adjusted to the elevation of chamber pressure 





Figure 3.5.  Bulkhead pressure sensors, shield pressure sensors, and grout injection 
locations on the NB TBM (first tunnel excavated); dimensions in m (from Mori 2016). 
 
Table 3.1. TBM parameters monitored in both NB TBM (first tunnel excavated) and SB 
TBM (second tunnel excavated). The values represent the measurements during the 
excavation of the six rings prior to the installation of ring B. For the NB tunnel, the 
values represent the measurements of the parallel section.  
TBM parameter Unit (1) NB TBM (2) SB TBM 






Total thrust force MN 20.5 1.6 15.8 1.1 
Crown chamber pressure  kPa 90 9 75 8 
Spring-line chamber 
pressure 
kPa 131 10 110 7 
Invert chamber pressure kPa 155 15 137 7 
Pfront11 kPa 92 5 NA NA 
Pfront5 kPa 90 6 NA NA 
Ptail11 kPa 86 6 NA NA 
Ptail5 kPa 130 6 NA NA 
Grout injection pressure 1c kPa 200 5 305 35 
Grout injection pressure 2c kPa 200 7 480 100 
Grout injection pressure 3c kPa 200 15 246 100 
* 𝜎𝑣′  at spring-line is 660 kPa and the water pressure is 60 kPa 
NA- Not available – no shield pressures were measured at the SB TBM 
 




 Numerical Model Description 
The 3D numerical model was developed using the commercial software package 
FLAC3D (Itasca 2009), based on a generalized finite difference method (FDM). After a 
study of the boundary effects and mesh discretization, the 3D model dimensions were 
set to 124 m wide, 120 m long, and a height of 70 m. To avoid the influence of boundary 
conditions, lining loads results were taken at a distance of about 4D from the boundary 
(monitoring section in Figure 3.6); beyond the 5D distance, boundary conditions were 
found to be negligible. The simulation of each tunnel excavation extended to a distance 
of more than 5D past the monitored rings presented in Figures 3.14-3.19, as the 
influence of the face is negligible at a distance of more than 2.5D (section 3.4).  
 
Figure 3.6. FLAC3D model general configuration and location of the monitoring section 
chosen for result analysis. 
3.3.1 Modeling the Tunneling Process 
The 3D numerical model is based on the work of Mooney et al. (2016) and Do et 
al. (2013a, b, and c), simulating the different activities of the shield tunneling process 
with a simplification of the shield by applying the shield annulus pressure. This 
simplification is based on the assumption that the shield annulus pressure controls the 
tunnel convergence prior to lining installation, i.e., that the excavated ground does not 
automatically converge onto the shield. This assumption must be validated by 
demonstrating that the maximum tunnel displacement is smaller than the annulus gap. 
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For the analyzed case discussed in this paper, this is shown in section 3.4. The different 
activities included in the proposed model include: the pressurized face by slurry or earth 
pressure balance, pressurized annulus around the machine shield, installation of the 
pre-cast segmental lining at the shield tail, incorporation of segmental lining longitudinal 
and circumferential joint behavior, and the time-dependent annulus grout between the 
lining extrados and the soil. A multi-stage step by step procedure has been 
implemented using the following sequence (Figure 3.7): 
• Initial geostatic conditions with a lateral earth pressure ratio of Ko=0.6 are applied. 
• At each excavation stage, the modeled excavation advances by removing one 
excavation length (ring length n in Figure 3.7) equal to the width of one segmental 
ring (1.5 m). 
• A total muck pressure is applied normal to the tunnel face and excavation boundary. 
An assumption is made that the cutterhead applies insignificant force/pressure to 
the face, i.e., that the chamber pressure provides all of the face support pressure. 
• The shield annulus pressure is uniformly distributed along the 9 m length of the 
TBM shield (6 advance lengths) up to the last ring length where the pressure 
connectivity between the annulus grout and the shield annulus pressure is assumed 
to be linear (e.g., the shield is not modeled). 
• At a distance of 10.5 m (7 advance lengths) behind the face (ring length n-7 in 
Figure 3.7), the segmental lining is installed in the model along with an annulus of 
grout material between the lining and the partially-converged ground. Grouting 
pressure is applied normal to the lining and ground along the last ring installed. 
• One ring behind the current ring installed (ring n-8 in Figure 3.7), groundwater 
pressure is applied to the lining, and the grout stiffness increases according to a 




   
Figure 3.7. Step by step simulation procedure of pressure balance TBM tunneling 
3.3.2 Modeling Face and Shield Annulus Pressure 
The face pressure is assumed to vary linearly with depth according to a pressure 
gradient determined from pressure sensors and is modeled by a pressure distribution 
normal to the tunnel face. The shield annulus pressure is modeled by applying a normal 
pressure to the cylindrical excavation surface from the tunnel face to the tail shield. This 
shield annulus pressure also varies linearly with depth, corresponding to the value of 
the face pressure at the same elevation. Based on the pressure connectivity observed 
in Figure 3.4 with a very low average pressure difference between the chamber 
pressure and the tail shield pressure, the modeled shield annulus pressure is uniformly 
distributed along the shield length up to the last excavation length (1.5 m) where the 
pressure connectivity between the annulus grout and the shield annulus pressure is 
assumed to be linear (Figure 3.7). The uniform pressure along the shield length may be 
a result of the 100 mm shield gap and may be unique to this project. Varying pressure 
distributions along the shield reported by Bezuijen and Bakker (2008) could be modeled 
if warranted. The modeled face and shield annulus pressure value does not change as 
the TBM advances. These modeled face and shield annulus pressures are prescribed a 
value of 130 kPa for the first tunnel and 110 kPa for the second tunnel at spring-line 
level, determined from the average monitored pressure during excavation at spring-line 
(excluding standstill) and summarized in Table 3.1. The pressure is applied normal to 
the face of each soil element as total stress. 
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3.3.3 Modeling the Tunnel Lining 
Following Do et al. (2013b), the segmental lining is modeled by linear-elastic 
embedded liner elements (Itasca 2009). This embedded liner element is a shell element 
with two links at each node, permitting the interaction between the host medium 
(ground) and the structural element at both sides of the element. One side of the 
embedded liner element is connected to the surrounding ground, and the other end is 
manipulated to connect the two adjacent segments (Figure 3.8a). Every link includes six 
degrees of freedom, and each degree of freedom can be assigned one of three 
boundary conditions: free, rigid, and deformable. The boundary conditions are 
represented by six springs, with three translational components (KR and KA in Figure 
3.8b) and three rotational components (Kθ in Figure 3.8b).  
In this study, a deformable rotational stiffness is prescribed around the axis of the 
longitudinal joint (Kθxx) by a bi-linear relation as used by Thienert and Pulsfort (2011), 
Do et al. (2013a, b) and others. The attachment conditions of all translational 
components (KAxx, KAyy, and KRzz) and the two remaining rotational components (Kθzz 
and Kθyy) are assumed to be rigid (Do et al. 2013a, b). The circumferential joint coupling 
is modeled by shear deformable springs in the radial direction (KRzz) to carry the shear 
force that results from the displacement difference in the radial direction between two 
adjacent rings (Blom 2003, Kavvada 2017, Arnau and Molins 2011). For more detail on 
the joint rotational stiffness, refer to Thienert and Pulsfort (2011), and Do et al. (2013a, 
b). 
For the liner-soil interface, only two extreme interface conditions are usually 
assumed for analytical solutions (Rankin et al. 1978): full-slip with no transfer of 
tangential stress between the liner and the ground/grout, and no-slip conditions allowing 
the transfer of the shear tangential stress between the liner and the ground/grout. In 
numerical ground-structure interaction analysis, the interface can also be modeled with 
frictional contact. Zero coefficient of friction in which no tangential shear stress is 
transferred between the lining and the ground is analogous to the full slip condition 
(Sedarat et al. 2009). With the smooth finished surface of the pre-cast lining segments, 
the shear failure criterion between the lining and the annulus grout can be assumed 
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closer to full-slip with low friction and zero cohesion. In this study, the lining-grout 
interface conditions are assumed as partial-slip with a friction angle of 5˚, allowing some 
transfer of tangential stress between the liner and the grout. The frictional contact model 
has a linear-elastic link between the soil and the liner for shear stresses lower than the 
allowable shear strength described by the Mohr-Coulomb failure criterion. This linear-
elastic link (marked (1) in Figure 3.8a) allows for sliding and opening relative to the 
surrounding ground and was given a stiffness using a widely excepted rule of thumb 
(Itasca 2009, Do et al. 2013a, b) in which kn (the normal stiffness) and ks (tangential 
stiffness) are set to one hundred times the equivalent stiffness of the neighboring zone 
(surrounding ground). The interface between the grout and the soil is assumed to be 
connected rigidly due to the very rough surface.  
  
Figure 3.8. Segmental lining modeling concept (a) node connectivity concept (after Do 
et al. 2013a), (b) KR, KA, Kθ stiffness in the axial, radial and rotational directions of a ring 
joint (Do et al. 2013a) 
3.3.4 Annulus Grout  
Two-component grout was used to fill the annular gap in the Northgate Link 
project. The two-component grout is injected behind the tunnel lining while the TBM is 
advancing and gels in less than a minute (Arash et al. 2018). As the grout continues to 
set with time, its elastic modulus and strength increase while the initial fluid pressure of 
the grout dissipates. The grout mix design achieved an average compressive strength 
39 
 
of 1.7 MPa in 28 days, correlating to an elastic modulus of 350 MPa according to Flores 
(2015). The time-dependent grout behavior is modeled by a gradual elastic modulus 
increase as the excavation advances. Accounting for the actual TBM advance rate of 19 
rings per day of the second tunnel (28.5 m advance per day) on the day the monitored 
rings were installed, the grout stiffness is increased every excavation stage to simulate 
the time-dependent hardening process. The grout hardening function adopted is based 
on the time-dependent relation proposed by Meschke et al. (1996), and is widely used 
for simulating the time-dependent hardening of grout in tunnel modeling, e.g., Kasper 
and Meschke (2004); Kavvadas et al. (2017); Do et al. (2014). With no literature known 
by the authors on the early life (under 7 hours) stiffness of two-component grout, an 
initial grout modulus of 10 MPa is used for the last ring installed (ring n-7) correlating to 
a three-hour grout stiffness. The grout modulus at ring n-8 is assumed to be the 8-hour 
stiffness due to the fast setting time of two-component grout, followed by the adopted 
time-dependent relation according to the actual TBM advance rate noted above (Figure 
3.9). For each ring length, the grout stiffness is constant during every analysis step. The 
mix design consisted of fly ash replacement greater than 50%. Flores (2015) found that 
grout with 50% fly ash replacement has a 92-day stiffness five times greater than 28-
day stiffness. To account for the fly-ash replacement influence, the first tunnel grout 
stiffness is increased to the 92-day stiffness of 1750 MPa prior to the simulation of the 
second tunnel excavation, as the second (SB) TBM passed the monitored section four 
months after the first TBM (NB). 
In the proposed model, the grout is modeled by 3D solid elements between the 
excavation boundary and the concrete lining shell elements. The grout pressure was 
modeled by a gravitationally controlled distributed load, applied both on the excavation 
boundary and on the n-7 ring segment (Figure 3.7). As the grout sets quickly, the 
pressure is assumed to dissipate within the stage cycle of ring installation and hence is 
applied only along the last ring installed (1.5 m as shown in Figure 3.7). The grout 
injection pressures were monitored during excavation and are shown in Table 3.1. The 
grout pressure used in the 3D model at the first tunnel is 200 kPa and 350 kPa at the 
second tunnel, based on and the average (from the three injection ports) measured 
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injection pressure. The grout pressure value used for this analysis is assumed to be 
equal to the injection pressure as found by Hashimoto et al. (2004).  
 
2Figure 3.9. Development of grout elastic modulus with time. (a) Development of the 
grout elastic modulus by hours. (b) The development of the grout elastic modulus up to 
the 28-day strength of 350 MPa.  
3.3.5 Soil Constitutive Model  
In this study, the hardening soil small-strains (HSS) model (referred to by Itasca 
2009 as the plastic-hardening small strains) is used. Based on the work of Schanz 
(1999) and Benz (2006), the HSS model is characterized by a frictional Mohr-Coulomb 
failure criterion, stress-dependent soil stiffness, and different unloading/reloading 
stiffness compared to the virgin loading. For the simulation of mechanized tunneling, the 
use of a non-linear constitutive model such as the HSS model has significant 
importance as the near field zone is subjected initially to an unloading stress path with 
unloading-reloading cycles, due to changing confinement conditions from tunnel 
excavation, chamber/shield pressure changes, and grouting pressure (Arash et al. 
2018, Do et al. 2013c).  
The HSS model parameters were determined from the results of available triaxial 
tests and pressuremeter tests (Soundtransit, 2013a), and are presented in Table 3.2. 
Figures 3.10 and 3.11 show the fit between the lab/field tests and the numerical tests 
using the HSS model parameters for the CSG soil. The strain range observed in the 
analysis discussed in section 3..4 is on the order of 1%. Figures 3.10 and 3.11 show 
that the calibrated HSS model parameters give good agreement with the lab and field 
tests within the range of 1% strain. Figure 3.10 shows the deviator stress vs. axial strain 
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and volumetric strain vs. axial strain of the consolidated drained triaxial laboratory tests 
and the numerical test using the HSS model properties in Table 3.2. In the case of the 
deviator stress vs. axial strain, the HSS model models the CSG response well, and the 
volumetric strain is modeled reasonably well. Figure 3.11 shows the radial 
pressuremeter pressure vs. radial strain from the field pressuremeter test conducted at 
the vicinity of the analyzed tunnel cross-section and the numerical pressuremeter test 
using the HSS model properties in Table 3.2. During virgin loading, the HSS model 
predicts the field test reasonably well within the range of 1% radial strain. The unloading 
reloading response is also predicted reasonably well for the first three increments. With 
the tunnel excavated through the highly permeable CSG material, all calculations have 
been performed under drained conditions, accounting for a lateral earth pressure 
coefficient, Ko=0.6.  
 
Table 3.2. Input parameters of the HSS constitutive model. 
Description  Symbol  Unit CSG 
Internal friction angle φ'  ˚ 41 
Dilation angle ψ ' ˚ 9 
Cohesion c ' kPa 0 
Secant stiffness in triaxial test Eref50  MPa 55 
Tangent stiffness in oedometer test Erefoed  MPa 55 
Unloading-reloading stiffness Erefur  MPa 140 
Small-strain stiffness Eref0 MPa 240 
Poisson's ratio ν - 0.2 
Exponent power m - 0.68 
Reference stress pref   kPa 100 





Figure 3.10. (a) The volumetric-strain vs axial-strain, and (b) stress vs strain curve from 
a drained triaxial compression test (lab data) and numerical model drained triaxial 
compression test using the HSS properties for the CSG soil unit. 
 
Figure 3.11. Stress-Strain Curve of a field pressuremeter test (PMT) and the numerical 
model pressuremeter simulation using the HSS properties for the CSG soil unit. 
 Results  
The proposed model (Section 3.3) was used to investigate the influence of face 
and shield annulus pressure on tunnel lining loads. Figures 3.12-3.17 present results 
from the constant pressure case, where a constant face and annulus pressure (i.e., no 
change in pressure between ring advances) is applied at each tunnel with a value of 
130 kPa for the first tunnel and 110 kPa for the second tunnel at the spring-line level as 
summarized in Table 3.1.  
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Figure 3.12 shows the model-produced longitudinal displacement profile (LDP) at 
the excavated ground crown and invert after the excavation and lining installation of the 
first and second tunnels. The displacements at the excavated ground crown reach a 
constant value (convergence) at a distance of about 2.5D from the face. Higher 
displacements are predicted in the second tunnel (31 mm) compared to the first tunnel 
(24 mm) due to the lower face and annular pressure during the excavation of the 
second tunnel. The unlined LDP at the first tunnel crown, determined by the 3D 
numerical model with applied EPBM pressures, illustrates that considerable 
convergence occurs prior to lining installation. The spring-line LDP (not shown here) 
has a similar shape to the crown LDP with a lower displacement of 16 mm for the first 
tunnel and 20 mm for the second tunnel, given the lower horizontal geostatic stress (Ko 
= 0.6). The magnitude of observed convergence supports the modeling assumption that 
the ground does not converge on to the TBM shield as the annulus gap is 100 mm.  
Given the stress-dependent stiffness of the HSS model together with the 
increases in effective stress with depth, the convergence at the tunnel crown is 
significantly higher compared to the invert convergence (uplift), with a stiffer response of 
the ground underlying the tunnel invert. The non-linear stress-strain relationship of the 
HSS model results in a lower relative difference in displacements between the inverts of 
the first and second tunnels (15% lower at the first tunnel) compared to the crown 
displacements (23% lower at the first tunnel). 
The influence of the grouting pressure on tunnel deformation at the tail shield is 
more prominent at the second tunnel with a grouting pressure of 350 kPa compared to 
200 kPa in the first tunnel. With a significantly higher grouting pressure compared to 
shield annulus pressure, a reduction in ground deformation is observed at the tail shield 
of the second tunnel (10.5 m behind the face). This small reduction in deformation can 
be attributed to the considerable irreversible plastic deformation as well as the different 
primary loading stiffness and reloading stiffness of the HSS model, while the use of an 
elastic-perfectly-plastic soil model would result in an unrealistically large reduction in 
convergence as discussed by Mollon et al. (2013), and Kavvadas et al. (2017). After the 
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grout pressure dissipates (grout pressure applied only to the first installed ring), an 
increase in ground deformation occurs at ring n-8 (12 m behind the face).  
 
 
Figure 3.12. Longitudinal displacement profile (ground deformations) at the first lined 
tunnel (solid lines) and second lined tunnel (dashed lines) crown and invert. The LDP of 
the first unlined tunnel crown is shown by the dotted line. The tunnel face is at X=0, and 
the first lining ring is at X=10.5 m. 
 
Consistent with convergence behavior, the stress redistribution around the 
tunnels reaches a constant state at a distance of 2.5D from the face. Figure 3.13a 
shows the minimum principal stress field (minimum compressive stress) at X=30 m after 
completion of the first tunnel. Figure 3.13a also shows the principal stress trajectories 
(black crosses) where the maximum principal stress is tangent to the tunnel boundary 
illustrating stress redistribution/flow around the opening both vertically and horizontally. 
With only the EPBM support pressure supporting the tunnel excavation prior to the 
installation of the tunnel lining, the radial stress (minimum principal stress in Figure 
3.13a) is equal to the relatively low EPBM support pressure (𝑝𝑖′/𝜎𝑣′  = 0.13). After the pre-
cast segmental lining is installed in the first tunnel, the lining provides confinement to 
the surrounding ground, allowing higher radial stress to develop around the tunnel. As 
the second tunnel is excavated, the deconfinement of the soil around the second tunnel 
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results in a decrease in radial stresses around it (Figure 3.13b), and redistribution of the 
stress around the supported first tunnel. The greatest increase in radial stresses occurs 
at the side closer to the second tunnel. This redistribution of stresses around the first 
tunnel illustrates the impact the second tunnel has on the first tunnel lining loads, as will 
be discussed in the next section.  
 
Figure 3.13. Minimum principal effective stress (minimum compression) contour at X=30 
m (a) after the excavation of the first tunnel and (b) after the excavation of the second 
tunnel. The principal stress trajectories are shown by black crosses. The longer lines 
indicate the direction of the maximum principal stress, and the shorter lines indicate the 
minimum principal stress. Geostatic effective vertical stress at spring-line is about 660 
kPa, and the effective horizontal stress is about 370 kPa.  
3.4.1 Liner Load Development in the First Tunnel 
Figures 3.14a and 3.14b show the model-estimated load development within a 
single ring in the first tunnel for constant face and shield annulus pressure of 130 kPa at 
the spring-line. There were no field measurements of liner loads in the first tunnel. 
Model-estimated first tunnel liner loading is presented after the completion of the first 
tunnel and after the completion of the second tunnel. Figure 3.14a shows the 
development of liner bending moments where, after the completion of the excavation 
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and support of the first tunnel, a vertically symmetric low magnitude bending moment 
diagram is observed with a maximum positive bending moment of 4 kN-m at invert and 
a maximum negative bending moment of 3 kN-m at spring-line. This squatting behavior 
is consistent with a lateral earth pressure ratio lower the unity (Ko = 0.6) also observed 
in Figure 3.15a showing the lining deformations after the completion of the first tunnel 
(in red). Following the excavation of the second tunnel, an increase in bending moment 
occurs in the first tunnel (Figure 3.14a) with additional squatting of the tunnel lining, as 
shown by the blue line Figure 15a. This additional squatting is induced by the increase 
in radial stresses around the supported first tunnel and most significantly at the side 
closer to the second tunnel, as seen in Figure 3.13. This asymmetric loading condition 
results in an asymmetric squatting diagram, deforming the 1 o’clock position inwards. 
While the spring-line closer to the second tunnel does not deform outward with the 
increase in radial stress seen in Figure 3.13, the spring-line at the opposite side 
deforms outwards due to the lower confining radial stress. As mentioned above, with the 
pre-cast segmental lining supporting the ground around the first tunnel, higher stresses 
can develop around the tunnel as a result of excavation of the second tunnel and the 
deconfinement of the soil around the second tunnel. Despite the deconfinement around 
the second tunnel, Figure 3.15b shows that the excavation of the second tunnel does 
not impose substantial additional horizontal soil displacement at the first tunnel spring-
line. The horizontal displacements resulting from the excavation of the first tunnel 
(shown by the red line) show convergence towards the first tunnel (negative), and decay 
within a short distance from the maximum value at the first tunnel excavation boundary 
(0.5D) to less than 10% at the location of the second tunnel spring-line is to be located 
(1.3D). The excavation of the second tunnel imposes a horizontal displacement in the 
opposite direction (positive displacement implies movement toward the second tunnel) 
only up to a distance of about 0.5D from the second tunnel spring-line (0.8D). Figure 
14a also shows the moment reduction at the joint locations as a result of the modeled 





Figure 3.14. Loads developed in the first tunnel: (a) Bending moment (kN-m/m) and (b) 
Thrust force (kN/m) diagrams after first tunnel excavation for constant internal support 
pressure of 130 kPa. 
 
Figure 3.15. (a) Radial lining displacements of the first tunnel lining after the completion 
of the first tunnel in red, and in blue is the displacements after the completion of the 
second tunnel. Negative displacements are inwards. (b) Horizontal soil displacements at 
the spring-line level vs. the distance from the first tunnel center in terms of D. 
Displacements resulting from the excavation of the first tunnel are shown by the blue 
line, and the red line shows the displacement resulting from the second tunnel 
excavation. The direction of the deformations is shown in the center top of the figure.  
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Figure 3.14b shows a considerable increase in thrust force as a result of the 
excavation of the second tunnel with a low face and shield annulus pressure relative to 
the field stresses 𝑝𝑖′/𝜎𝑣′  = 0.13 (after balancing the water pressure). This increase in 
thrust force is slightly higher at the side closer to the second tunnel as a result of the 
higher increase in radial stresses on that side. While the 80% increase in thrust force at 
the tunnel spring-line might be overestimated due to the HSS stress dependent stiffness 
behavior, it should also be pointed out that the face and shield annulus pressure used 
during the excavation of the second tunnel is very low in terms of 𝑝𝑖′/𝜎𝑣′ . Figure 3.16 
shows that by increasing the face and shield annulus pressure at the second tunnel to 
200 and 300 kPa (𝑝𝑖′/𝜎𝑣′  = 0.2 and 0.35), the increase in lining forces drops to about 
55% and 40% respectfully. These values are more consistent with the 40% increase in 
thrust force found by Do et al. (2014d), due to the excavation of a parallel tunnel.   
 
Figure 3.16. Thrust force (kN/m) diagram for different face and shield annulus pressures 
modeled during the second tunnel excavation 
3.4.2 Load Development in Second Tunnel 
Figures 3.17a and 3.17b show the comparison between the second tunnel liner 
loads estimated from the strain measurements and the numerical analysis results for 
constant internal support pressure of 110 kPa at spring-line. Ring A and ring B in the 
numerical model are installed with one ring between them to simulate the positions of 
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the instrumented rings installed in the Northgate Link project with the same joint 
orientation as installed in the field. The 3D numerical model results shown in Figure 
3.17b provide a bending moment response consistent with squatting lining behavior as 
expected in Ko = 0.6 conditions, and as seen for the first tunnel. Despite the lower EPB 
support pressure in the second tunnel, both bending moments and thrust forces are 
slightly higher in the second tunnel compared to the first tunnel (before the excavation 
of the second tunnel) as a result of the higher grouting pressure of 350 kPa and 200 
kPa respectfully. This is consistent with the findings of Ninic and Meschke (2017) who 
found that an increase from 150 kPa to 300 kPa in grout pressure resulted in a 50% 
increase in thrust force. While the excavation of the second tunnel had a considerable 
influence on the first tunnel, the existence of the first tunnel prior to the construction of 
the second tunnel does not appear to have an impact on the second tunnel. 
With the field measured lining loads shown separately for ring A in blue, and in 
red for ring B, Figure 3.17b shows a difference between thrust force of ring A and ring 
B. Despite being located at the crown and spring-line, and a Ko loading of 0.6, the ring A 
measured thrust forces have a difference of only 6%. The measured thrust forces in ring 
B also have a difference of only 3%, however, this is somewhat expected with both 
located between the crown and spring-line on opposite sides. Ring A thrust force was 
measured to be about 25-30% greater than ring B thrust force, despite only having one 
ring between them. Unlike with the measured thrust force, the bending moments in 
Figure 3.17a do not show different magnitudes at each ring. However, while Figure 
3.17a shows that the measured bending moments show a squatting behavior expected 
in Ko = 0.6 conditions, the 1 o’clock position and the 2 o’clock positions show 





Figure 3.17. Loads developed in the second tunnel (located on the right to the first 
tunnel): (a) bending moment (kN-m/m) and (b) thrust force (kN/m) diagrams after 
second tunnel excavation for constant internal support pressure of 110 kPa. 
 
The 3D computational model results reasonably match two of the four measured 
bending moments. For each ring, only one of the two bending moment measurements 
reasonably matches the 3D numerical model results, while the other measurement is 
significantly higher. The modeled ring B thrust force prediction is within 8-12% of 
measured, while the ring A measured thrust force is significantly higher than modeled. 
We hypothesize that the difference in thrust force between ring A and ring B can be 
explained by both the chamber pressure decrease that occurred during standstill and a 
decrease of about 10 kPa in average support pressure after ring A is installed, as 
shown in Figure 3.18. Figure 3.18 shows the pressure measured in the excavation 
chamber of the second tunnel (no shield pressure sensors were installed in the second 
TBM) during the installation of the two instrumented rings. After ring A is installed, a 
considerable pressure drop occurs during EPBM standstill, and a second significant 
pressure drop occurs after ring B is installed. The first pressure drop occurred after ring 
A is partly exposed from under the shield (average drop of pressure more than 40 kPa 
51 
 
during the standstill) (top of Figure 3.18), and two-component grout is injected between 
the segment and the ground. Ring B experiences a similar drop in the chamber 
pressure as described for ring A.   
 
Figure 3.18. Chamber pressure vs. time at the SB TBM (second tunnel excavated) 
during the installation of the instrumented segments. The blue shaded areas mark the 
excavation cycle, and the white areas mark the standstill due to ring build. The three 
pressure measurements show the average pressure measured at the top, center, and 
bottom of the chamber (location of the sensors can be seen at the top right with the 
corresponding color). When rings A and B are partially exposed from under the shield 
(as illustrated at the top of the figure), a drop in chamber pressure can be observed.  
 
A numerical simulation incorporating the recorded pressure drops was conducted 
to investigate this observation. In this simulation, two pressure drops were simulated 
after the installation of the monitored rings, as measured during excavation (Figure 
3.18). Each pressure drop was modeled by introducing an additional stage between 
excavation steps. After the installation of the monitored ring, the face and shield 
pressure decreased uniformly by 40 kPa. The face and shield annulus are then 
increased to the average value of support pressure after the pressure drop (100 kPa) 
before the step by step excavation continues with this support pressure of 100 kPa. 
Figure 3.19b shows the thrust force developed in the two monitored rings as a 
result of the pressure drop simulation. The forces estimated by the numerical analysis 
provide an accurate prediction of the thrust forces measured in rings A and B. 
Accounting for the pressure drop, the predicted thrust force at the crown of ring A is 
52 
 
about 25% higher compared to ring B and about 45% higher than predicted in the 
constant pressure case. For a better understanding of how the pressure drop influenced 
the lining loads, Figure 3.20 shows how the first drop of the face and shield annulus 
pressure (after ring A is installed) results in the redistribution of the stresses around the 
opening. Having ring A supporting the ground immediately behind the tail shield, some 
of the redistributed stresses are taken by ring A, resulting in an increase of about 30-
45% in thrust relative to the constant pressure case (Figure 3.19b dashed gray line). 
This can be seen in Figure 3.20 by the increase in vertical effective stress above ring A 
after the pressure drop. After the excavation continues, ring B is installed, supporting 
the ground that experienced a higher degree of relaxation compared to the constant 
pressure case (Figure 3.20b). With lower face and shield annulus pressure resulting in a 
higher degree of relaxation, lower thrust forces are expected in ring B. However after 
ring B is installed, the second pressure drop occurs, resulting in an increase in stresses 
around the installed ring, loading ring B in the same manner as seen for ring A and 
described above. This results in a lower thrust force in ring B by about 25-30% 
compared to ring A, yet higher by about 12% compared to the constant pressure case. 
Despite the noticeable impact the pressure drops have on the thrust forces, Figure 
3.19a shows little change in the bending forces compared to the constant pressure 
case. This can be explained by the observation that the pressure drop results in a 
uniform radial increase in stress around the monitored rings resulting in only an 
increase in thrust force and a small change in bending moments (equivocal to an 
increase in a hydrostatic load). The two bending moment measurements higher than 





Figure 3.19. Loads developed as a result of the chamber pressure drop in the two 
monitored rings in the second tunnel (SB), (a) bending moment (kN-m/m) and (b) thrust 
force (kN/m) 
 
Figure 3.20. Vertical effective stress contour of the second tunnel (a) before the 
pressure drop after ring A installation (b) after pressure drop after ring A installation  
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 Conclusions  
Segmental tunnel lining load development during EPBM shield tunneling was 
studied using 3D numerical modeling and rare field data of measured thrust forces and 
bending moments from the Northgate Link project in Seattle. The advanced 3D 
numerical model developed for pressure balanced mechanized tunneling, simulates the 
face and shield annulus pressure, advanced hardening soil behavior, installation of 
jointed segmental lining rings, grout injection pressure, and time-dependent grout 
hardening. Validation of the proposed model and the assumptions taken were obtained 
by very good agreement between the field data of measured loads and the loads 
estimated by the model. 
From this study, the following conclusions are drawn: 
• Drops of the chamber pressure that are common in EPBM tunneling due to 
excavation standstill result in a significant influence on tunnel lining thrust force. As 
a result of the pressure drop at the chamber and the shield annulus, the stress 
redistributes, decreasing around the shield and increasing around the last installed 
rings (closest to the shield tail). This results in an increase in the lining thrust force 
of the last installed rings with the highest increase in the last ring installed and 
reducing farther away behind the tail. The rings installed supporting the ground that 
experienced the pressure drop will develop lower lining loads due to the higher 
degree of relaxation as a result of the pressure drop. 
• For pressure balance TBMs with the flow of pressurized material (e.g., conditioned 
soil or slurry) behind the shield into the shield annulus, the final lining loads are 
controlled by the chamber pressure, as seen when incorporating the pressure 
drops. The proposed model simplifying the TBM shield with the shield annulus 
pressure can be used to predict the segmental lining structural forces without the 
need for complex modeling of the shield and soil-shield interaction. 
• Based on the importance of the TBM support pressure for the prediction of lining 
load, the ability to predict the amount of convergence prior to lining installation 
55 
 
relays on the correct support pressure applied during excavation and is critical for 
tunnel lining structural calculations in pressure balance TBM tunneling.  
• The excavation of the second tunnel for the conditions described in this study result 
in a significant increase of bending moments and thrust forces in the first tunnel 
lining. By increasing the face and shield annulus pressure in the second tunnel, the 
increase in lining loads in the first tunnel is reduced. The lining loads in the second 




CHAPTER 4  
HARDENING-SOIL-SMALL-STRAIN LONGITUDINAL DISPLACEMENT BEHAVIOR IN 
SOFT GROUND TUNNELING 
A paper to be submitted to a journal paper with Dr. Michael A. Mooney, and Dr. 
Marte Gutierrez as co-authers.  
Abstract 
 The hardening soil small-strain (HSS) model is widely used in soft ground 
tunnel analysis in the last decade, given the ability of this advanced soil model to 
generate more realistic soil response in terms of non-linearity, stress dependency, and 
inelasticity. The use of this non-linear constitutive model in pressure balance TBM 
tunneling has significant importance as the near field zone is subjected mostly to an 
unloading stress path with the change in confinement conditions from tunnel excavation, 
and chamber pressure. This paper investigates the ground response of a tunnel 
excavated in HSS ground and proposes a new longitudinal displacement profile (LDP) 
solution for HSS soft ground for application in pressure balance TBM tunneling. The 
results of this paper show that the LDP predicted when using the Mohr-Coulomb elastic-
perfectly plastic model can overestimate pre-convergence by 20% compared to the 
HSS model. The new HSS LDP solution is validated by comprehensive parametric 
analysis and shows a very good ability to predict the HSS ground response.  
 Introduction 
The longitudinal displacement profile (LDP) relating the tunnel displacement to 
the position of the tunnel face and support installation has become a standard analysis 
tool to bring the longitudinal (3D) effects of ground convergence into 2D transverse 
plane analysis (Vlachopoulos and Diederichs, 2009, Prassetyo and Gutierrez, 2018). A 
number of theoretical and empirical LDP relationships have been developed in the past 
four decades addressing linear-elastic and elastic perfectly-plastic (EPP) material 
behavior for tunnels constructed using conventional excavation methods and open 
mode TBMs. Panet and Guenot (1982), Panet (1995), and Carranza-Torres and 
Fairhurst (2000) published LDP equations considering linear-elastic material under 
isotropic stresses for an unsupported tunnel in drained conditions. Vlachopoulos and 
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Diederichs (2009) extended the LDP relation to elastic perfectly-plastic material, valid 
for the elastic case through large plastic zone development. 
Soil is well-known to behave non-linearly under different stress and strain 
conditions. The hardening soil-small strain (HSS) (Schanz et al., 1999, and Benz, 2006) 
is an advanced non-linear elastoplastic constitutive model that can better simulate real 
soil/rock behavior, and is widely used in soft ground tunnel analysis (Teo and Wong 
2012, Do et al. 2013, Zhao et al. 2017, Arash et al. 2018, and others). The HSS model 
can reproduce soil behavior more accurately than linear-elastic and EEP soil models 
such as the Mohr-Coulomb model (MC) by including features such as hyperbolic stress-
strain relationship in axial drained compression, plastic strain in mobilizing friction, 
plastic strain in primary compression (virgin compression loading), and stress-
dependent stiffness associated to a power law (Arash et al. 2018, Peng et al. 2011, Do 
et al. 2013c). 
No LDP solution in available literature has been developed for an HSS model, 
and the nature of the HSS model suggests it will have a significant influence on the LDP 
(the analysis presented in this paper will confirm this). In fact, the use of the linear-
elastic and the EPP soil behavioral models can result in the overestimation of 
convergence that will occur prior to liner installation. This is particularly important for the 
simulation of pressure balance shield tunneling, where the use of a non-linear 
constitutive model has significant importance as the near field zone is subjected mostly 
to an unloading stress path with the change in confinement conditions as well as 
unloading-reloading cycles from tunnel excavation, chamber pressure, and grouting 
pressure (Arash et al. 2018, Do et al. 2013).  
With the accuracy of the LDP solution critical for a reliable prediction of the lining 
forces, the objective of the study described in this paper was to investigate the HSS 
ground response and develop an LDP solution for HSS-modeled soft ground for 
application to shield tunneling. As most soft ground tunnels are constructed using 
pressure balance TBMs (slurry or EPB), this LDP solution is developed to account for 
different TBM support pressures. 3D and axisymmetric numerical models are used in 
this study to develop the HSS LDP solution for soft ground characterized by the HSS 
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model. A comprehensive parametric analysis is conducted to investigate the influence 
of different degrees of elastoplastic behavior and selected input parameters of the HSS 
model and validate the reliability of the HSS LDP solution.  
 Background  
4.2.1 Existing Longitudinal Displacement Profiles 
The LDP predicts the tunnel radial displacement (𝑢) (or convergence) as a 
function of the distance from the face (X), where X is negative in front of the face and 
positive behind the face (Figure 4.1). The maximum displacement happens at a 
distance behind the tunnel face (approximately 3.5 tunnel radii for the linear-elastic case 
and further away as the plastic zone increases, according to Vlachopoulos and 
Diederichs, 2009). A portion of the displacement occurs before the face advances past 
a specific point (ahead of the face). Typically a normalized displacement (𝑢∗ = 𝑢/𝑢𝑚𝑎𝑥) 
is estimated as a function of the normalized distance (𝑋∗ = 𝑋/𝑅0), where 𝑢𝑚𝑎𝑥 is the 
maximum tunnel radial displacement, i.e., at 𝑋∗ ≫ 𝑅0, and 𝑅0 is the tunnel radius.   
 
Figure 4.1. Schematic of the tunnel advance, showing that X is negative in front of the 
face and positive behind the face. 
Various LDP relations have been proposed by different researchers for circular 
deep tunnels in a non-gravitational isotropic stress field and in isotropic homogeneous 
ground. Panet and Guenot (1982), and Panet (1993) developed the first LDP equations 
for the linear elastic case behind the tunnel face that was later revised by Panet (1995): 𝑢∗(𝑋) = 𝑢𝑢𝑚𝑎𝑥 = 0.25 + 0.75 (1 − ( 0.750.75+𝑋∗)2)  for X > 0  (4.1) 
This solution is independent of soil properties. The maximum radial displacement 𝑢𝑚𝑎𝑥 can be determined by analytical solutions or 2D numerical calculations for the 
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analyzed case. Carranza-Torres and Fairhurst (2000) proposed a complete LDP 
solution that covered both the region ahead and behind the face. Unlu and Gercek 
(2003) suggested that the LDP does not follow one continuous function, but two 
functions, one describing the LDP ahead of the face and one behind the face.  
Vlachopoulos and Diederichs (2009) advanced the LDP relation to account for 
the effects of large plastic zone development assuming perfectly-plastic conditions with 
no dilation. This solution is valid from the elastic case to an extended plastic zone case. 
The Vlachopoulos and Diederichs (2009) LDP solution also covered both the region 
ahead of the face and behind the face with two different equations: 𝑢∗(𝑋) = 𝑢𝑢𝑚𝑎𝑥 = 𝑢0∗ ∙ 𝑒(𝑋∗)    for X < 0   (4.2) 
𝑢∗(𝑋) = 𝑢𝑢𝑚𝑎𝑥 = 1 − (1 − 𝑢0∗)𝑒−3𝑋∗2𝑅𝑝∗    for X > 0   (4.3) 
Here, 𝑅𝑝∗  is the normalized plastic radius, 𝑅𝑝∗ = 𝑅𝑝/𝑅0, 𝑅𝑝 is the plastic radius, 
and 𝑢0∗  is the normalized radial displacement at the face, according to Equation 4.4.   𝑢0∗ = 𝑢0𝑢𝑚𝑎𝑥 = 13 𝑒−0.15(𝑅𝑝𝑅0)        (4.4) 
 
4.2.2 Strain hardening small-strain soil model 
In this study, soil behavior is described by the elastoplastic HSS model (referred 
to as Plastic-Hardening with small-strain stiffness model by Itasca. 2009). The shear 
failure in this model obeys the Mohr-Coulomb (MC) failure criterion while the plasticity is 
governed by two yield surfaces, the shear hardening yield surface (describing the 
deviatoric hardening mechanism), and the volumetric yield cap (describing the isotropic 
hardening mechanism). The volumetric yield cap is not discussed here as the failure 
mechanism around an unsupported tunnel is of a deviatoric nature, and the volumetric 
yield cap is neglected in this study. A total of 14 main input parameters are needed for 
the HSS model, as presented in Table 4.1. 
Unlike in the elastic perfectly plastic Mohr-Coulomb Model, the stress-strain 
relationship in the HSS model is assumed to be a hyperbolic curve in primary loading 
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(virgin compression loading). The hyperbolic relationship (Figure 4.2) that was originally 
described by Kondner (1963) and later adapted by Duncan and Chang (1970) can be 
formulated as: 𝜀1 = 𝑞𝑎2𝐸50 11−𝑞/𝑞𝑎      𝑞 < 𝑞𝑓        (4.5) 
where 𝜀1 is the axial strain in a standard triaxial compression test, 𝐸50 is the tangent 
modulus at 50% of the ultimate deviatoric stress, 𝑞𝑓, and 𝑞 is the deviatoric stress 𝑞 =𝜎3 − 𝜎1 for triaxial compression. The asymptotic deviatoric stress 𝑞𝑎 is defined by 𝑞𝑓 and 
the failure ratio 𝑅𝑓  , and is defined as 𝑞𝑎 = 𝑞𝑓𝑅𝑓           (4.6) 
where 𝑅𝑓   is the ratio between 𝑞𝑓 and 𝑞𝑎, and is commonly taken as 0.9 (Schanz 1999). 𝑞𝑓 is derived from the Mohr–Coulomb failure criterion and is defined as 𝑞𝑓 = 2 sin 𝜑′1−sin 𝜑′ (𝜎′3 + 𝑐′ cot 𝜑′)       (4.7) 
For shear stresses equal to 𝑞𝑓, the behavior is assumed to be perfectly plastic (Figure 
4.2). 
 
Figure 4.2. Schematic representation of the hyperbolic stress-strain relationship in 




Schanz (1999) extended this formulation (Eq. 4.5) to the elastoplastic framework 
of the standard hardening soil (HS) model, where the shear yield function is given as: 𝑓𝑠 = 𝑞𝑎𝐸50 11−𝑞/𝑞𝑎 − 2𝑞𝐸𝑢𝑟 − 𝛾𝑝        (4.8) 
Here, E50 is the stress-dependent secant modulus (Eq. 4.10), 𝐸𝑢𝑟 is the stress-
dependent un/reloading modulus (Eq. 11), and 𝛾𝑝 is the plastic shear strain. For the 
triaxial case, assuming that the plastic volumetric strains are negligible, Schanz (1999) 
defined  𝛾𝑝 = 2𝜀1𝑝          (4.9) 
For every stress increment, there is a corresponding incremental elastic and 
plastic strains if the soil is undergoing primary loading, or only elastic strain if it is under 
unloading-reloading (Figure 4.2).  
In the HS model, soil stiffness is described by two main non-linear stiffness 
parameters, the secant modulus (𝐸50) and the unloading/reloading modulus (𝐸𝑢𝑟), which 
are stress-dependent according to the following power law: 
𝐸50 = 𝐸50𝑟𝑒𝑓 ( 𝑐′ cos 𝜑′−𝜎3′ sin 𝜑′𝑐′ cos 𝜑′−𝑝𝑟𝑒𝑓 sin 𝜑′)𝑚       (4.10) 𝐸𝑢𝑟 = 𝐸𝑢𝑟𝑟𝑒𝑓 ( 𝑐′ cos 𝜑′−𝜎3′ sin 𝜑′𝑐′ cos 𝜑′−𝑝𝑟𝑒𝑓 sin 𝜑′)𝑚       (4.11) 
where 𝐸50𝑟𝑒𝑓is the reference secant modulus and 𝐸𝑢𝑟𝑟𝑒𝑓 is the reference 
un/reloading modulus corresponding to the reference pressure 𝑝𝑟𝑒𝑓. The actual stress-
dependent modulus depends on the minor principal effective stress 𝜎3′. The degree of 
stress dependency is given by the power 𝑚, where a value of 𝑚 = 0 sets a stress 
independent soil stiffness, and as the value of 𝑚 increases, the stiffness of the soil is 
more stress-dependent. Typical values of m range between 0.3-1.0 and are closer to 
0.5 for sands and between 0.7-1.0 for clay (Benz 2006).  In general, 𝐸50𝑟𝑒𝑓 <𝐸𝑢𝑟𝑟𝑒𝑓 and the 
ratio 𝐸𝑢𝑟𝑟𝑒𝑓/𝐸50𝑟𝑒𝑓 is between 2 to 6, and an average value of 3 usually assumed. Additional 
parameters needed for the HS model related to the volumetric cap (which is neglected 
in this study), are the reference oedometer modulus (𝐸𝑜𝑒𝑑𝑟𝑒𝑓), the coefficient of earth 
pressure for normally consolidated conditions (𝐾𝑜𝑁𝐶), and over consolidation ratio 
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(OCR). Note that 𝐾𝑜𝑁𝐶 is an input parameter needed for the HS model volumetric cap 
and not the lateral earth pressure ratio used in the analysis. 
Two additional parameters are required for the small strain extension introduced 
to the standard HS model by Benz (2006) for the HSS model, the initial stiffness 
modulus 𝐸0𝑟𝑒𝑓 and the reference shear strain 𝛾70. The non-linear small strain stiffness is 
defined by Eq. 4.12 as follows  𝐺𝑠 = 𝐺01+0.385 𝛾𝛾70          (4.12)  
where 𝐺0 = 𝐸0/2(1 − 𝜈), and 𝐸0 = 𝐸0𝑟𝑒𝑓 ( 𝑐′ cos 𝜑′−𝜎3′ sin 𝜑′𝑐′ cos 𝜑′−𝑝𝑟𝑒𝑓 sin 𝜑′)𝑚       (4.13) 
The reference shear strain 𝛾70 is the value at which the secant shear modulus is 
about 70% of 𝐺0, typically between 10-4 to 7·10-4. 𝐸0𝑟𝑒𝑓 can be estimated from in-situ 
tests and is typically 6 to 14 times 𝐸50𝑟𝑒𝑓 (6<𝐸0𝑟𝑒𝑓/𝐸50𝑟𝑒𝑓 <14). 
 
Table 4.1. Description of HSS model parameters (including the volumetric cap 
parameters). 
HSS model 
Parameter Units Description 
φ'  [˚] Effective friction angle 
c'  [MPa] Effective cohesion 
ψ' [˚] Dilatancy angle 𝐸50𝑟𝑒𝑓   [MPa] Reference secant modulus 𝐸𝑜𝑒𝑑𝑟𝑒𝑓   [MPa] Reference oedometer modulus 𝐸𝑢𝑟𝑟𝑒𝑓   [MPa] Reference un/reloading modulus 
pref   [MPa] Reference pressure 
νur [-] Un/reloading Poisson’s ratio 
m [-] 
Power for stress-level dependency of 
stiffness  
Knc [-] Ko-value for normal consolidation 
Rf [-] Failure ratio 
OCR [-] Over consolidation ratio 𝐸0𝑟𝑒𝑓 [MPa] Small strain modulus 
ϒ0.7 [-] Shear strain at which Gs=0.7G0 
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 Finite Difference Modeling Approach 
Two modeling approaches were used for the development and verification of the 
HSS LDP equation, including a 3D model with vertical symmetry, and an axisymmetric 
model (Figures 4.3 and 4.4). The axisymmetric model configuration is utilized in this 
study as part of the comprehensive parametric study to reduce the computation time 
required for the time-consuming 3D model. For the purpose of this study, both models 
were performed using the commercial software package FLAC3D based on a 
generalized finite difference method (FDM). 
Both models begin from an initial undisturbed condition subjected to isotropic 
stress conditions (Ko=1) of 𝜎𝑜′ =1800 kPa representing a tunnel constructed at a depth of 
100 m (assuming soil dry unit weight of 18 kN/m3). The influence of the stress gradient 
due to gravity is ignored as typical when assuming deep tunnel conditions (as seen in 
Vlachopoulos and Diederichs, 2009, Prassetyo and Gutierrez, 2018 and others). A 
tunnel radius of 3.5 m (typical metro size tunnel) is used for this study. The unlined 
tunnel construction is simulated by progressively deactivating 80 excavation regions 
(each 1.5 m in length). An internal pressure is applied to the excavation boundary 
simulating the TBM support pressure applied during closed face TBM tunneling. For 
both modeling approaches, drained conditions are assumed throughout the analysis, 
and no groundwater is modeled. 
4.3.1 3D Model with Vertical Symmetry 
Figure 4.3 shows the 3D model with vertical symmetry developed for this study. 
After a study of the boundary effects and mesh discretization, the 3D model dimensions 
were set to 100 m wide, 150 m long, and 84 m deep. The boundary conditions were 
fixed in the normal directions (rollers) at model sides and at the bottom of the model, 
and the overburden pressure was applied at the model top face (Figure 4.3b). At each 
excavation stage, a 1.5 m long region of the tunnel was deactivated, and a normal 
pressure was applied to the tunnel face and to the cylindrical excavation surface. The 
pressure applied to the excavation boundary is constant and uniformly distributed along 




Figure 4.3. Geometry and Boundary Conditions of the FLAC3D 3D vertical symmetry 
Finite-difference model 
4.3.2 Axisymmetric model 
Assuming a deep, circular tunnel with isotropic stress conditions, an 
axisymmetric model is an appropriate representation as the stress state and ground 
response at every point around the circular tunnel is identical. The axisymmetric model 
configuration developed in FLAC3D and used for this study is shown in Figure 4.4. The 
axisymmetric model configuration simulates a slice of the tunnel domain, as shown in 
Figure 3b. The axisymmetric configuration is simulated by a π/100 wedge shape mesh, 
centered on the tunnel symmetry axis, which is set as the tunnel center axis (Figure 
4.4). The model is 100 m in width (wedge length), 150 m long, and the boundary 
conditions are shown in Figure 4.4. As in the 3D model, at each excavation stage, a 1.5 
m long region of the tunnel was deactivated, and a normal pressure is applied to the 





Figure 4.4. Geometry and Boundary Conditions of the FLAC3D Axisymmetric Finite-
difference model 
4.3.3 Analysis approach 
To develop the HSS LDP solution, the influence of different degrees of 
elastoplastic behavior (the amount of plastic shear strain that develops) and selected 
input parameters of the HSS model was investigated. For this study, one type of soil 
was considered as the reference case and is referred to as the base model (Table 4.2). 
These properties are based on the Berlin sand from Benz (2006) with some variations 
for the parametric analysis starting point.  
First, an investigation into the influence of the degree of elastoplastic behavior is 
conducted by a variation of the internal pressure with no change in the base model 
properties. The internal pressures (𝑃𝑖′) used for this investigation is normalized by field 
stress (𝑃𝑖∗=𝑃𝑖′/𝜎𝑜′ ) using normalized internal pressure values of 0.5, 0.3, 0.2, 0.15, and 
0.1. After establishing the behavior of the base soil model under different degrees of 
elastoplastic behavior, a parametric study of the HSS parameters is conducted. For the 
parametric analysis reference case, a normalized internal pressure of 𝑃𝑖∗=0.1 is 
selected, as in this range of internal pressure, in-situ stresses, and soil properties, a 
yield zone (defined as where the stress state reaches the MC failure envelope) 
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develops around the tunnel. Only for the parametric analysis of φ' is a 𝑃𝑖∗=0.15 used to 
allow for excavation stability when 𝜙'=25˚. 
In this parametric analysis, only one parameter out of a total of six selected input 
parameters has been varied independently in each analysis case (Table 4.3). The five 
HSS input parameters identified for this analysis are the effective friction angle (𝜙’), 
effective cohesion (𝑐’), power law of stress-dependent stiffness (𝑚), reference secant 
modulus (𝐸50𝑟𝑒𝑓), and effective dilatancy angle (𝛹’). For the sensitivity analysis of 𝐸50𝑟𝑒𝑓 a 
constant ratio is kept between 𝐸𝑢𝑟𝑟𝑒𝑓 / 𝐸50𝑟𝑒𝑓 and 𝐸0𝑟𝑒𝑓 /𝐸𝑢𝑟𝑟𝑒𝑓 of 3 and 4 respectfully. The 
influence of these ratios is investigated separately in section 4.6. 
A comparison between the axisymmetric model and the 3D model is shown in 
Figure 4.5. The axisymmetric model shows a good correlation with the 3D model and 
allows the use of the less time-consuming computation of the axisymmetric model for 
the parametric analysis. 
 
Table 4.2. HSS base soil model parameters. 
Parameter Units HSS base 
model 
MC 
model 𝜙'   [˚] 35 35 𝑐'   [kPa] 3 3 𝜓'  [˚] 10 10 
E [MPa] - 530 𝐸50𝑟𝑒𝑓 [MPa] 70 - 𝐸𝑜𝑒𝑑𝑟𝑒𝑓   [MPa] 70 - 𝐸𝑢𝑟𝑟𝑒𝑓   [MPa] 210 - 
pref   [kPa] 100 - 
νur [-] 0.2 0.25 
m [-] 0.7 - 
Knc [-] 0.57 - 
Rf [-] 0.9 - 
OCR [-] 100 - 𝐸0𝑟𝑒𝑓  [MPa] 840 - 






Figure 4.5. Comparison between the axisymmetric model and the 3D model for the HSS 
base parameters with a normalized internal pressure of 𝑃𝑖∗=0.1. 
Table 4.3. HSS selected input parameters for parametric analysis. Each input 
parameter varied independently in each analysis case 
Parameter Unit Values for analysis  
ϕ' 4 [˚] 25, 27, 30, 33, 36 𝑐'  [kPa] 0, 50, 100, 150, 200 𝜓′ [˚] 0, 2, 4, 6, 8, 10 𝐸50𝑟𝑒𝑓   [MPa] 35, 70, 140, 210, 280 420 𝑚 - 0, 0.3, 0.5, 0.6, 0.7, 0.8, 
0.9 
 Excavation response of HSS material  
This section discusses the ground response around a tunnel excavated in HSS 
material, and the differences with the ground response of tunnel excavation in EPP MC 
material. For this comparison, the strength parameters 𝜙′, 𝑐', and 𝜓′ are the same for 
both the HSS model and the MC model. The elastic modulus, 𝐸, of the MC model is 
derived from Eq. 4.10 using 𝐸50𝑟𝑒𝑓 and initial stress conditions. Figure 4.6 illustrates the 
differences between the HSS model and the EPP MC model stress strain curve. The 
 
4 For the sensitivity analysis of φ' a 𝑃𝑖∗=0.15 is used 
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initial stiffness of the HSS model is higher than the MC linear-elastic stiffness. However, 
as the strain increases, the HSS stiffness decreases given the elastoplastic response, 
resulting in a hyperbolic stress-strain curve up to the point where the MC failure criterion 
is reached and perfectly plastic behavior is seen. The MC material reaches failure at a 
significantly lower strain due to its linear elastic stiffness. Figure 4.6 also shows the 
unloading reloading of both models, where the HSS un/reloading stiffness is five times 
higher given the higher value of 𝐸𝑢𝑟𝑟𝑒𝑓 and 𝐸𝑜𝑟𝑒𝑓compared to the MC single 𝐸 value.   
 
Figure 4.6. Stress-strain curve of HSS and MC soils in triaxial compression 
 
Figure 4.7a shows the normalized stress distribution around an unlined tunnel in 
HSS and MC materials calculated by 3D FDM for the base soil properties in Table 4.2, 
with 𝑃𝑖∗ = 0.1. A significant difference is observed between the HSS and the MC 
materials stress distribution, especially with regards to the tangential stress (𝜎𝑡′ ). For the 
EPP case, a distinct peak in 𝜎𝑡′  is located at the boundary between the elastic zone and 
the yield zone, marking the yield radius, 𝑅𝑃 (also referred to as the plastic radius), which 
is defined as the boundary between the elastic zone and the yield zone. In the HSS 
material, a more gradual variation in 𝜎𝑡′  is observed around the tunnel opening, with the 
peak in 𝜎𝑡′  located farther from the tunnel boundary compared to the EPP case, and at a 
lower magnitude. The position of the peak 𝜎𝑡′  is used to define a new parameter, the 
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stress redistribution radius, 𝑅𝑠𝑟, which is the distance from the tunnel center to the peak 
in tangential stress (Figure 4.7a).  
Figure 4.7b shows the distribution of the deviatoric stress 𝑞 = (𝜎3′-𝜎1′ )/2  along 
the normalized radial distance. The MC maximum 𝑞 is observed at the plastic radius 
with a very distinct peak. However, for the HSS material, the maximum 𝑞 is located at a 
much closer distance to the tunnel center compared to the maximum 𝜎𝑡′ . While the 
maximum 𝑞 for the HSS material is lower than for the MC material, it is much more 
distinct than the maximum HSS 𝜎𝑡′ . The position of the peak q is also used to define a 
new parameter, the deviatoric stress radius, 𝑅𝑞, which is the distance from the tunnel 
center to the peak in q (Figure 4.7b).  
While for the MC material the position of the maximum 𝑞 or 𝜎𝑡′  value marks the 
transition from elastic behavior to purely plastic behavior, for a tunnel excavated in HSS 
material, there is no fully elastic zone around the tunnel. Plastic strains (as part of the 
elastoplastic behavior described by Eq. 4.7) develop from the initiation of shearing 
(Varakas et al. 2018). For HSS material, the values of 𝑅𝑞 and 𝑅𝑠𝑟 are indicators of the 
degree of elastoplastic response of the ground. However, only 𝑅𝑞 is discussed further, 
given its more distinct peak for practical implementation in the HSS LDP solution.  
 
Figure 4.7. Normalized stress distribution vs. normalized distance from tunnel center at 
the tunnel spring-line elevation in an unlined tunnel excavated in HSS, and MC 
materials. (a) Shows the tangent stress 𝜎𝑡′ , and radial stress σr, and (b) the deviatoric 
stress q along the normalized radial distance  
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For a tunnel excavated in HSS material, a yield zone (perfectly plastic zone, not 
to be confused with the elastoplastic behavior described by Eq. 4.7) may develop 
around the tunnel if the stress state reaches the MC envelope. This yield zone around 
the tunnel is smaller (or may not develop at all) compared to a tunnel excavated in MC 
material under the same conditions and with equivalent properties. For the analysis 
case shown in Figure 4.7, a yield zone does develop around the tunnel for the base 
HSS soil properties (Figure 4.8c), with a normalized yield radius of about 1.1. This is 
significantly smaller than in the MC material (Figure 4.8b) with a normalized yield radius 
of about 2.3. For the HSS case, the development of plastic strain prior to meeting the 
MC failure criterion in the elastoplastic zone outside the yield zone results in a smaller 
yield zone. The significance of the plastic strain as part of the elastoplastic behavior can 
be seen in the effective stress path (ESP) shown in Figure 4.8a. For both the HSS and 
the MC materials, Figure 4.8a shows the drained ESP of a point located 4 cm away 
from the spring-line excavation boundary (shown by point o on the top of Figure 4.8a) 
measured in the 3D model. Starting from point A, which shows the initial isotropic stress 
state, the stress path starts to move up vertically for MC material as the tunnel face 
advances towards the measurement point until it approaches the MC failure line at a 
distance of 1.5 m from the face. The HSS stress path moves in a curved line, up and to 
the left due to the development of plastic strain and the shear hardening law in Eq. 4.7. 
Once substantial shear strain develops, the stress path moves down towards the MC 
failure line. The stress state at the position of the face is shown by points B and B’ for 
the HSS and the MC respectfully. 
Figure 4.9 shows the normalized deviatoric stress distribution (Figure 4.9a) and 
the plastic shear strain, 𝛾𝑝 (Figure 4.9b) vs. the normalized distance from the tunnel 
center for three 𝑃𝑖∗ values, 0.5, 0.2 and 0.1 for the HSS material. With the increase of 𝑃𝑖∗, the location of the peak deviatoric stress is closer to the tunnel center (𝑅𝑞 is smaller) 
indicating an increase of plastic behavior with a decrease in 𝑃𝑖∗. This is also shown in 
Figure 4.9b where for a decrease in 𝑃𝑖∗ the maximum 𝛾𝑝 (at the tunnel boundary) 
increases, indicating an increase of plastic behavior. This plastic strain that develops as 
part of the elastoplastic behavior described by Eq. 4.7 decreases as the distance from 
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the tunnel increases. The degree of plastic deformation in this elastoplastic zone 
depends mostly on the in-situ stresses, soil properties, and support pressure, and a 
yield zone may or may not develop depending if the stress state reaches the MC failure 
envelope.  
 
Figure 4.8. Effective stress paths (ESP) of a point next to the tunnel spring-line for both 
the HSS and the MC materials (b) yielded zones around the tunnel excavated in EPP 
material, (c) yielded zones around the tunnel excavated in HSS material. The 
measurement point is located 4 cm away from the spring-line excavation boundary at 
point o as shown on the top of (a). 
  
Figure 4.9. (a) Normalized deviatoric stress q distribution, and (b) plastic shear strain vs. 
normalized distance from tunnel center at the tunnel spring-line level in an unlined 
tunnel, with three different normalized internal pressures, 0.1, 0.2, and 0.5. 
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The influence of the soil properties and support pressure on the degree of plastic 
deformation in this elastoplastic zone is illustrated in Figure 4.10. The figure shows the 
variation in both 𝑅𝑞 and 𝑅𝑝 from the parametric analysis performed using the 
axisymmetric model. While a decrease in 𝑃𝑖∗, 𝜙’, or 𝑐’ results in an increase of both 𝑅𝑠𝑟 
and 𝑅𝑝 and almost no change in 𝑅𝑞 or 𝑅𝑝 for a change in 𝐸50𝑟𝑒𝑓 or 𝛹’, a change in 𝑚, 
results in the different trend for both Rq and 𝑅𝑝. While Rq increases with the increase in 𝑚, 𝑅𝑝 shows the opposite behavior and decreases with the increase in 𝑚. With a value 
of m close to 1, no plastic zone develops around the tunnel, and the 𝑅𝑞 is the highest, 
and as 𝑚 is reduced, 𝑅𝑝 increases, and the 𝑅𝑠𝑟 decreases. This is a result of the fact 
that 𝑚 controls the soil stiffness stress dependency (Eq. 4.10). As 𝑚 is higher the soil 
stiffness closer to the excavation boundary is reduced more due to the tunnel 
deconfinement, and the stress relaxation around the tunnel is greater with the peck in 
deviatoric stresses located farther away.  
 
Figure 4.10. Variation of Rq and Rp vs. the parameter studied in the parametric analysis. 
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Figure 4.11 shows the ground reaction curve (GRC) of the tunnel crown from a 
2D model, accounting for a gradual decrease of internal pressure. Figure 4.11a shows 
the GRC with absolute values, where the GRC shows a similar behavior of both the 
HSS soil and the MC soil in the initial stage, corresponding to the linear elastic response 
of the MC soil. The initial response of the HSS soil is stiffer than the MC soil given the 
unloading nature of the ground response. As the internal pressure decreases and 
plastic strains increase, the HSS ground response is more plastic. The curves meet 
around the stage where the MC response becomes plastic at around 𝑃𝑖′=900 kPa (𝑃𝑖∗ =0.5). However, following this point, the HSS curve exhibits lower stiffness (e.g. higher 
displacement for the same 𝑃𝑖′) compared to the MC soil due to the stress-dependent 
stiffness (as confining stress decreases) and resulting elastoplastic response. The final 
displacement (at 𝑃𝑖∗ = 0.1) is 75 mm for the HSS and 57 mm for the MC soil. When put 
in the context of normalized GRC (𝑃𝑖∗ vs. 𝑢∗), Figure 4.10b shows that the HSS initial 
response is stiffer and the two curves meet only at 𝑃𝑖∗ = 0.3 and follow almost the same 
slope until maximum displacement is reached. Based on the GRC in Figure 4.11a, to 
reach the same absolute displacement (higher than 10 mm), a higher pressure is 
needed for the HSS soil. For a liner installed at the same absolute displacement, this 
results in a higher support load for the HSS soil support. However, when put into a 
normalized displacement context, to reach the same 𝑢∗ an identical 𝑃𝑖∗ is needed for 
both the HSS and the MC soil (Figure 4.11b). 
 
Figure 4.11. Ground reaction curve (GRC) for both the HSS case and the MC case for 
the base model shown in Table 4.2. 
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 HSS longitudinal displacement profile solution  
While the use of the linear-elastic and the EPP soil constitutive models can result 
in the overestimation of convergence prior to liner installation, no LDP solution is 
available in the literature for strain hardening soil behavior. Figure 4.12 shows how the 
use of different soil constitutive models has an influence on the longitudinal 
displacement behavior. The LDP of a tunnel excavated in linear-elastic soil will reach 
full convergence at a shorter distance x from the face of the excavation compared to a 
tunnel excavated in EPP material (assuming the development of a plastic zone). A 
tunnel in EPP soil will reach full convergence at a shorter x compared to a tunnel in 
HSS material with the same strength parametes. Therefore, the assumption of linear-
elastic or EPP behavior can result in the overestimation of convergence prior to liner 
installation at the shield tail and the corresponding underestimation of lining loads. 
Vlachopoulos and Diederichs (2009) recognized that the difference between the linear-
elastic case and the EPP case is directly linked to the development and size of the 
plastic zone. For the HSS case plastic strains develop farther away from the tunnel 
center compared to the EPP case, resulting in the different LDP behavior seen in Figure 
4.12. With typical soft ground pressure balance TBM shield lengths between 1D to 
1.5D, the gray area in Figure 4.12 shows the expected distance from the face the lining 
is typically installed in shield tunneling. For a tunnel excavated assuming linear-elastic 
or EPP material, convergence can be overestimated by as much as 30% and 20% 







Figure 4.12. LDPs from 3D numerical calculations of three different soil behaviors are 
shown: linear-elastic, elastic-perfectly plastic (EPP), and “Hardening soil small strain” 
(HSS).   
 
The difference between the LDP of an EPP soil and a HSS soil is also seen in 
Figure 4.13 for different 𝑃𝑖∗ with different sizes of plastic zones. For the 𝑃𝑖∗=0.5 case, 
while no plastic zone develops (𝑅𝑝=1) for the EPP soil, and also for the HSS soil Rp and 
Rq are equal to 1, a significant difference is seen between the two LDPs. Despite this, in 
the HSS soil very low plastic strains do develop around the tunnel, as a results of 
shearing of the soil due to tunnel excavation. This behavior results in that the LDP of a 
tunnel in EPP soil with a lower 𝑃𝑖∗ of 0.1 will reach full convergence at a shorter x 




Figure 4.13. LDP for EPP and HSS soils with different 𝑃𝑖∗ of 0.5 and 0.1. 
 
According to Vlachopoulos and Diederichs (2009), the distance from the face that 
full convergence is reached is directly linked to the development of the plastic zone. 
Recognizing this, the LDP solution by Vlachopoulos and Diederichs (2009) (Eq. 4.3) is 
controlled by the yield radius that can be found by closed-form solutions such as 
Carranza-Torres and Fairhurst (2000) and Salencon (1969). Therefore, 𝑢𝑚𝑎𝑥 can be 
estimated without numerical analysis for a deep tunnel in isotropic stress-field, and 
homogeneous ground. 
A LDP solution describing HSS material must account for the elastoplastic 
behavior prior to the development of the yield zone around the tunnel. From the 
investigation of the internal pressure influence on the degree of elastoplastic behavior, 𝑅𝑞  discussed in section 4.4 is linked to the LDP shape and the distance at which full 
convergence is achieved. Figure 4.14 shows how lower 𝑃𝑖∗ results in a higher value of 𝑅𝑞 and relates to LDP shape. With lower 𝑃𝑖∗ and higher 𝑅𝑞, full convergence is reached 
farther from the face, as seen in Figure 14b. Within the typical TBM shield length, the 
difference in 𝑢∗ is between 15-20%, for 𝑃𝑖∗ between 0.1 to 0.5 (for the base model 
conditions). For a 𝑃𝑖∗ of 0.5, no 𝑅𝑞 develops (Rq=R0) and as 𝑃𝑖∗ is decreased to 0.2 and 
0.1, 𝑅𝑞 increases to about 2 and 3 respectfully. While 𝑅𝑞 was found to be the primary 
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parameter controlling the LDP shape, for a variation in 𝑚, the yield radius, 𝑅𝑝 was also 
found to influence the LDP shape and is also used in the HSS LDP equation. This can 
be seen in Figures 4.15-4.17, where for a higher 𝑅𝑞, full convergence is reached at a 
farther distance from the face. However, Figure 4.18 shows that as 𝑚 increases, 𝑅𝑞 
increases, and 𝑅𝑝 decreases with no change in the LDP. 
 
Figure 4.14. (a) Deviatoric stress vs. the distance from the tunnel center, for a tunnel 
excavated in HSS material with different internal pressures. (b) LDP of the 
corresponding internal pressures. As 𝑅𝑞 increases with the decreases in 𝑃𝑖∗, full 
convergence is reached farther from the face. 
 
A HSS LDP function was developed to predict the normalized convergence as a 
function of 𝑋*. Building from the Vlachopoulos and Diederichs (2009) formulation, and 
based on the observation that both 𝑅𝑞 and 𝑅𝑝 control the shape of the LDP, a best fit 
function is proposed for the region behind the face:   
𝑢∗ = 1 − (1 − 𝑢0∗)𝑒−0.6( 𝑋∗0.85√𝑅𝑞∗ 𝑅𝑝∗ )   for X > 0    (4.14) 
where 
𝑢0∗ = 𝑢0𝑢𝑚𝑎𝑥 = 13 𝑒−0.25(𝑅𝑞𝑅0)        (4.15) 
For the region in front of the face (X<0) Eq. 2 is still valid together with Eq. 4.15. 
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Figure 15-18 shows the ability of Eq. 4.14 (referred to from here on as the HSS 
LDP solution) to predict the LDP for a variation in internal support pressures and HSS 
parameters as described above. The values of 𝑅𝑞 and 𝑅𝑝 used for the calculation of the 
HSS LDP equation are detailed in each figure. To obtain 𝑅𝑞 and 𝑅𝑝 for the application of 
the HSS LDP solution, 2D plane strain analysis or the semi-analytical computational 
method developed by Vrakas et al. (2018) are required (discussed in section 4.7). 
Figure 4.15 shows a good fit between the LDP predicted by Eq. 4.14, and the 
LDP revealed by numerical analysis. The prediction degrades slightly with an increase 
in 𝑃𝑖∗. With the same HSS parameters, for high internal pressure (𝑃𝑖∗=0.5) the tunnel 
response is more elastic reaching full convergence at a closer distance from the face 
and is well predicted by the HSS LDP equation. For the lowest internal pressure case 
(𝑃𝑖∗=0.1) the tunnel response is more plastic, reaching convergence at a farther distance 
from the face and is also very well predicted by the HSS LDP equation.  
  
 
Figure 4.15. LDP for internal pressure sensitivity analysis. Numerical analysis results 
are shown by the points and the HSS LDP solution (Eq. 4.14) by continues lines 
 
Figure 4.16 shows how for a lower friction angle and lower cohesion, the HSS 
LDP reaches full convergence farther from the face. The HSS LDP equation shows very 
good ability to predict this with both the 𝑅𝑞 and the 𝑅𝑝 increasing for a decrease in 
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friction angle and cohesion. The variation of 𝛹’ and 𝐸50𝑟𝑒𝑓 result in little to no change in 
the LDP as can be seen from Figure 4.17. Together with the fact that 𝑅𝑞 and 𝑅𝑝 also do 
not change with the variation of 𝛹’ and 𝐸50𝑟𝑒𝑓 (Figure 4.10), the HSS LDP equation shows 
a very good ability to predict the LDP. The variation of 𝑚 results in little to no change in 
the LDP (Figure 4.18); however, as seen in Figure 4.10, as 𝑚 increases, 𝑅𝑞 increases, 
and 𝑅𝑝 decreases. Despite the different trends in 𝑅𝑞 and 𝑅𝑝, the HSS LDP equation 
shows a very good ability to predict the LDP. The ability of Eq. 4.14 to predict the LDP 
for a variation in 𝑚 relies on the use of both 𝑅𝑞 and 𝑅𝑝, in the equation. 
  
Figure 4.16. LDP for (a) friction angle and (b) cohesion sensitivity analysis. Numerical 





Figure 4.17. LDP for (a) dilation and (b) secant modulus sensitivity analysis. Numerical 
analysis results are shown by the points and the HSS LDP solution (Eq. 4.14) by 
continuous lines. 
 
Figure 4.18. LDP for power law of stress-dependent stiffness, m, sensitivity analysis. 
Numerical analysis results are shown by the points and the HSS LDP solution (Eq. 14) 
by continuous lines. 
 Correction factor for different modulus ratios 
As noted in section 4.3.3, the ratio between the secant modulus (𝐸50𝑟𝑒𝑓), 
un/reloading modulus (𝐸𝑢𝑟𝑟𝑒𝑓), and the small strain modulus (𝐸0𝑟𝑒𝑓) are kept constant 
throughout all sensitivity analysis presented in section 4.4 and 4.5. Two additional sets 
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of sensitivity analyses were performed to investigate the influence of the ratios 𝐸𝑢𝑟𝑟𝑒𝑓/𝐸50𝑟𝑒𝑓 
and 𝐸0𝑟𝑒𝑓/𝐸𝑢𝑟𝑟𝑒𝑓. In these analyses, the value of 𝐸50𝑟𝑒𝑓 is kept constant.  
Figure 4.19 shows the LDPs calculated using different secant modulus and 
un/reloading modulus ratios (𝐸𝑢𝑟𝑟𝑒𝑓/𝐸50𝑟𝑒𝑓) and the variation in 𝑅𝑞 and 𝑅𝑝. It can be seen 
that for a ratio of 2, convergence is reached at the shortest distance from the face 
despite almost no change in 𝑅𝑝 and only a slightly lower 𝑅𝑞 compared to the base 
model. For a ratio of 5, convergence is reached farther away from the face, and 𝑅𝑞 
shows almost no change as well, and 𝑅𝑝 is slightly higher. For a lower ratio, the value of 𝐸𝑢𝑟𝑟𝑒𝑓 is lower, and the magnitude of elastic deformations is higher, resulting in a more 
elastic response that reaches convergence closer to the face. Given the change in the 
distance from the face, full convergence is reached while little to no change in 𝑅𝑞 and 𝑅𝑝 is seen, Eq. 4.14 does not predict the LDP accurately. 
 
 Figure 4.19. Sensitivity analysis of the ratio 𝐸𝑢𝑟𝑟𝑒𝑓/𝐸50𝑟𝑒𝑓 with a constant 𝐸0𝑟𝑒𝑓 /𝐸𝑢𝑟𝑟𝑒𝑓=4. (a) 
LDP from numerical analysis results shown by points and the HSS LDP solution (Eq. 
4.14) by continuous lines. (b) Variation in 𝑅𝑞 and 𝑅𝑝 vs. 𝐸𝑢𝑟𝑟𝑒𝑓/𝐸50𝑟𝑒𝑓. Note that the base 
model is 𝐸𝑢𝑟𝑟𝑒𝑓/𝐸50𝑟𝑒𝑓=3. 
To account for the variation in stiffness ratios 𝐸𝑢𝑟𝑟𝑒𝑓/𝐸50𝑟𝑒𝑓 and 𝐸0𝑟𝑒𝑓/𝐸𝑢𝑟𝑟𝑒𝑓, a stiffness 
ratio factor (A) is added to Eq. 4.14, as follows  
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𝑢∗ = 1 − (1 − 𝑢0∗)𝑒−0.6·𝐴( 𝑋∗0.85√𝑅𝑞∗ 𝑅𝑝∗ )      (4.16) 
This correction factor is defined as: 𝐴 = ( 1𝐸∗∙𝐸𝑠𝑠∗ )0.6/𝐸𝑠𝑠∗          (4.17) 
where  
𝐸∗ = √𝐸𝑢𝑟𝐸50−12          (4.18) 
𝐸𝑠𝑠∗ = √ 𝐸0𝐸𝑢𝑟+15          (4.19) 
Figures 4.20-4.21 show the HSS LDP solution with the correction, according to Eq. 4.16 
and 4.17. Figure 4.20 shows good agreement of the corrected LDP equation with 
different 𝐸𝑢𝑟𝑟𝑒𝑓/𝐸50𝑟𝑒𝑓 ratios and a constant 𝐸0𝑟𝑒𝑓/𝐸𝑢𝑟𝑟𝑒𝑓 ratio of 4. Figure 4.21 also shows a 
good agreement of the corrected LDP equation with a constant 𝐸𝑢𝑟𝑟𝑒𝑓/𝐸50𝑟𝑒𝑓 ratio of 3 and 
a variation of 𝐸0𝑟𝑒𝑓/𝐸𝑢𝑟𝑟𝑒𝑓, with ratios of 1, 2, 3, and 4. 
 
Figure 4.20. Corrected HSS LDP solution (Eq. 4.16) prediction for a variation in the ratio 𝐸𝑢𝑟𝑟𝑒𝑓/𝐸50𝑟𝑒𝑓 with a constant 𝐸0𝑟𝑒𝑓 /𝐸𝑢𝑟𝑟𝑒𝑓=4 and a 𝑃𝑖∗ of 0.1. LDP from numerical analysis 
results shown by points, and the corrected HSS LDP solution (Eq. 4.16) by continuous 




Figure 4.21. Corrected HSS LDP solution (Eq. 4.16) prediction for a variation in the ratio 𝐸0𝑟𝑒𝑓 /𝐸𝑢𝑟𝑟𝑒𝑓 with a constant 𝐸𝑢𝑟𝑟𝑒𝑓/𝐸50𝑟𝑒𝑓=3. LDP from numerical analysis results shown by 
points, and the corrected HSS LDP solution (Eq. 4.16) by continuous lines. Note that 
the base model is 𝐸𝑢𝑟𝑟𝑒𝑓/𝐸50𝑟𝑒𝑓=3 and 𝐸0𝑟𝑒𝑓 /𝐸𝑢𝑟𝑟𝑒𝑓=4.   
 Application of the HSS LDP Equation 
For the implementation of the HSS LDP solution, 𝑅𝑞 and 𝑅𝑝 must be calculated 
first. This can be done by 2D plane strain analysis or by a semi-analytical computational 
method developed by Vrakas et al. (2018). This section demonstrates the ability of the 
HSS LDP solution to predict the LDP for three soil types from the literature relying on 𝑅𝑞 
and 𝑅𝑝 values calculated from 2D plane strain analysis. Three soil types calibrated for 
the HSS model by Benz (2006) and Ravi et al. (2018) are used. Table 4.4 summarizes 
the HSS parameters of the Heinenoord clay, Torino soil, and Berlin sand. For this 
analysis, isotropic stress conditions are assumed, with lower in-situ stress of 900 kPa, 
representing a tunnel constructed at a depth of 50 m (assuming soil dry unit weight of 
18 kN/m3) and the 𝑃𝑖∗ value used here was 0.3. A tunnel radius of 3.5 m is used also for 
this analysis. Figure 4.22 shows a very good ability of the HSS LDP solution using 𝑅𝑞 











sand-L3 𝜙'   [˚] 31 36 38 
c'   [kPa] 7 72 0 𝜓'  [˚] 0 0 6 𝐸50𝑟𝑒𝑓    [MPa] 24 75 105 𝐸𝑢𝑟𝑟𝑒𝑓   [MPa] 70 225 315 
pref  [kPa] 100 100 100 
νur [-] 0.2 0.2 0.2 
m [-] 0.9 0.7 0.55 
Rf [-] 0.9 0.9 0.9 𝐸0𝑟𝑒𝑓 [MPa] 420 900 700 
ϒ0.7 [-] 0.0002 0.0002 0.0002 
  
Figure 4.22. LDP for three soil types described in Table 4, axisymmetric numerical 
analysis results are shown by the points, and the corrected HSS LDP solution (Eq. 16) 
using 𝑅𝑞 and 𝑅𝑝 values from 2D plane strain analysis. 
 Conclusions  
This paper investigates the longitudinal displacement behavior and proposes an 
LDP solution for soft ground tunneling characterized by the HSS model and constructed 
using pressure balance TBMs (slurry or EPB). The calculation of LDPs assuming linear-
elastic or the EPP soil behavior compared to the more realistic HSS model can result in 
overestimation of the pre-convergence that will occur prior to liner installation (as seen 
in Figure 4.12). The GRC of the HSS and MC soils were shown to be quite similar when 
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put into a normalized displacement context. The ability of the HSS model to simulate 
soil behavior more accurately than linear-elastic and EPP soil models such as the Mohr-
Coulomb model (MC) is particularly important for the simulation of pressure balance 
shield tunneling, where the use of a non-linear constitutive model has significant 
importance as the near field zone is subjected mostly to an unloading stress path with 
the change in confinement. This over-estimation of the pre-convergence by EPP MC 
was shown to be as much as 20%. Together with GRCs that shows no significant 
difference between the HSS and MC (when put in terms of normalized values), can 
result in underestimation of support loads. 
Using a series of 3D and axisymmetric numerical analysis, a HSS LDP equation 
is developed based on Vlachopoulos and Diederichs (2009) LDP solution, while 
introducing a new parameter, the deviatoric stress radius (𝑅𝑞). From the investigation of 
the internal pressure influence on the degree of elastoplastic behavior, it was found that 
this new parameter is linked to the rate of convergence. With a greater value of 𝑅𝑞, the 
radial displacements reach convergence farther away from the face. 
A comprehensive parametric analysis was conducted for the development and 
validation of the HSS LDP equation (Eq. 4.14). The parametric analysis included a 
variation of internal support pressures (allowing different degrees of elastoplastic 
behavior), and a variation of selected input parameters of the HSS model. The results 
showed a very good ability of the HSS LDP solution to predict the tunnel LDP in HSS 
material. While the HSS LDP equation was developed for constant stiffness ratios 
(𝐸𝑢𝑟𝑟𝑒𝑓/𝐸50𝑟𝑒𝑓=3, and 𝐸0𝑟𝑒𝑓/𝐸𝑢𝑟𝑟𝑒𝑓=4), an addition of a correction factor is needed (Eq. 4.16, 
and 4.17) to account for a variation in the stiffness ratios. The practical application of the 
HSS LDP solutions requires Rq and Rp by means of 2D plane strain analysis or by a 
semi-analytical computational method (Vrakas et al. 2019). The ability of the HSS LDP 
equation to predict the LDP of an axisymmetric model using from 2D plane strain 
analysis was demonstrated for three soil types from the literature. The HSS LDP 
solution allows better accuracy in the prediction of the longitudinal displacement profile 
in soft ground critical for a reliable prediction of the lining forces, surface deformation, 
and excavation stability.  
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CHAPTER 5  
GROUND-STRUCTURE INTERACTION OF CROSS-PASSAGE TUNNELS 
CONNECTING SEGMENTALLY LINED TUNNELS 
A paper to be submitted to a journal paper with Dr. Michael A. Mooney, and Dr. 
Marte Gutierrez as co-authers. 
Abstract 
Cross-passage construction incorporates complex 3D ground-structure 
interaction behavior as well as different load distribution mechanisms between individual 
segments, adjacent rings, and other temporary support elements. In this paper, an 
advanced 3D ground-structure interaction cross-passage numerical model is proposed 
and validated with rare field data from the Seattle Northgate Link tunnel project, 
including data from strain gauges installed in segmental lining rings and convergence 
monitoring. This 3D ground-structure interaction model presented in detail for the first 
time in available literature is used to achieve a better understanding of the load 
development in support systems of cross-passages, mainly at the openings created in 
the segmental lining of the running tunnels. The presented model details complex 
ground-structure interaction aspects that should be taken into account for both shield 
tunneling (running tunnels) and cross-passage excavation. The results show the 
difference between the loading process at the break-in and at the break-out. The most 
critical points in regard to the load capacity of the cross-passage opening support 
elements are found to be the segmental lining above and below the openings, and the 
bicone dowels shear capacity.  
 Introduction 
Cross-passages are an essential requirement for emergency egress in modern 
twin transit tunnel systems. Single-pass pre-cast concrete segmental lining systems are 
widely used in transit tunnel projects in sensitive urban environments. In these single-
pass segmental lining systems, the lining serves as the initial and final support system 
and must remain watertight and within serviceability condition. The construction of 
cross-passages requires the formation of openings in the running tunnels, where one or 
more rings are usually cut (Figure 5.1). The compression hoop-force action is 
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interrupted (Figure 5.1) as a result of the opening in the segmental lining, and the 
stability of the ring is compromised (Lee and Choi, 2017). These hoop forces must be 
transferred to other structural components installed either before cutting open the lining 
or during the segmental ring erection. Some commonly found temporary support 
structures for cross-passage openings are full ring beam, vertical steel propping with or 
without a header beam, and steel segments (Lee and Choi, 2017, Frodl 2019). In recent 
years, coupling elements such as steel dowels and shear bicone dowels, are 
increasingly utilized (Lee and Choi, 2017, Walter et al. 2019, Ring 2019). The use of 
these coupling elements can reduce the construction complexities and costs. However, 
with the more common opening support structures having a higher load capacity, the 
use of coupling elements is less conservative, increasing the risk of failure in case of 
unexpected higher loads. 
Cross-passage construction incorporates complex 3D ground-structure 
interaction behavior as well as different load distribution mechanisms between individual 
segments, adjacent rings, and other temporary support elements. Several modeling 
configurations are typically used for cross-passage construction calculations, from 
simple 2D strut-and-tie models, through 3D shell-spring models, to complex ground-
structure interaction models (Walter et al. 2019). As a result of the cross-passage 
opening and excavation, stress redistribution can occur in the ground surrounding the 
cross-passage (Walter et al. 2019), and tunnel confinement stresses change as the 
cross-passage is excavated. Bedded shell models are not able to model the ground 
behavior accurately (Ring 2016), and 3D ground-structure interaction modeling is 
required to capture all the aspects for evaluating the structural forces for design. 
Despite the complexity of cross-passage construction, and the complex 3D 
ground-structure interaction behavior, little research is available in the literature on 
cross-passage openings in segmentally lined tunnels. Most of the work available covers 
case studies and construction method overviews. In this paper, an advanced 3D 
ground-structure interaction numerical model is used to achieve a better understanding 
of the load development in support systems of cross-passages, mainly at the openings 
created in the segmental lining of the running tunnels. With little available literature on 
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the influence of the assumptions used in 3D numerical modeling, this paper is the first to 
propose and validate a 3D cross-passage numerical model using rare segmental lining 
load data. The presented model details complex ground-structure interaction aspects 
that should be taken into account for both shield tunneling (running tunnels) and cross-
passage excavation. For the running tunnels, this includes the jointed segmental lining, 
relaxation due to pre-convergence, grout annulus, and the non-linear soil behavior using 
the hardening soil constitutive model. For the cross-passage excavation, this includes 
the removal of segmental lining at the opening, temporary support elements, segmental 
lining coupling effects, step by step top-heading and bench excavation, initial shotcrete 
layer, full shotcrete thickness at a lag of one stage, and shotcrete time-dependent 
hardening. 
 
Figure 5.1. Axial (thrust) stress distribution around an opening in segmental tunnel lining 
(Lee and Choi, 2017). 
 Field Measurement 
5.2.1 Northgate Link Project  
The Northgate Link Extension project includes 5.6 km of twin bored tunnels and 
23 cross passages. The tunnels run north from the University of Washington to Maple 
Leaf Portal in north Seattle (Epel et al. 2018). The twin bored tunnels were constructed 
using two EPBM with an excavation diameter of 6.64 m and a shield diameter of 6.44 
m. The two tunnels were constructed with a center to center distance of about twp 
diameters. The tunnels were supported with a 25 cm thick single pass, gasketed 
conventionally steel-reinforced segmental lining, with an extrados diameter of 6.25 m. 
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Each ring is comprised of four full-size segments and key and counter key segments 
with a nominal width of 1.5 m, and a universal ring concept having an overall ring taper 
of 69.9 mm.  
With rare segmental strain gauge data and convergence monitoring data 
collected during the construction of cross-passage 39, this paper discusses and 
analyzes the construction process of cross-passage 39. This cross-passage was 
excavated through cohesionless sands and gravels (CSG) with till and till-like deposits 
(TLD) at the surface (as can be seen in Figure 5.2). 
 
Figure 5.2. Northgate Link geological conditions of the cross-passage 39. 
The cross-passage was conventionally mined with an excavation width of 5 m 
and an excavation height of 5.5 m. The support system included 20 cm of shotcrete 
(including 5 cm of flashcrete), 3 bar lattice girders spaced at 90 cm, and systematic 3 m 
long spilling. The excavation of the cross-passage was performed from the first tunnel 
(NB) towards the second (SB) tunnel, where the instrumented rings were located. The 
excavation was performed by top heading and bench with round lengths of about 1 m. 
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The segmental lining of the main tunnel was saw-cut, creating a 3x3 m2 opening 
(the width equaling exactly two segments). The opening was supported by 6 shear 
bicone dowels that were pre-installed on each segment’s circumferential joint and 4 
shear bicone dowels on each key or counter key circumferential joint (32 in total per 
each circumferential joint). The Anixter 375M shear bicone dowels have an ultimate 
shear capacity of 375 kN. Each bicone dowel is 243 mm long with an outer polyamide 
casing and a steel core diameter of 35 mm. Three circumferential joints were connected 
at each opening by the shear bicone dowels, namely, the two rings that were cut and 
the adjacent ring on each side (see Figure 5.3). The shear bicone dowels were used to 
transfer the load from the opened segmental rings to the adjacent rings. During the 
design process of the Northgate Link project, shear tests were conducted on bicone 
dowels embedded in reinforced concrete segments. The ultimate shear force capacity 
and allowable shear force capacity determined from these tests were 190 kN and 135 
kN, respectively. However, the design bicone dowel maximum shear force expected at 
the cross-passage opening was about 400 kN when no additional support measures are 
used. To overcome the shear bicone dowels capacity limitation, vertical steel propping 
was installed at the break-out and break-in of the cross-passage discussed in this 
paper, reducing the design bicone dowel maximum shear force to 70 kN. 
 
Figure 5.3. (a) Cross-passage opening support measures used at cross-passage 39, 
with 32 bicone dowels and vertical steel props. (b) Shear bicone dowel illustration. 
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5.2.2  Instrumentation and Monitoring  
As part of the monitoring program, foil strain gauges with full Wheatstone bridge 
and connected by wireless RFID transmission, were installed in select pre-cast concrete 
segments (Soundtransit, 2013c). Within each selected ring, three segments were 
instrumented – two full-size segments plus a key or counter key. Each instrumented 
segment was outfitted with a set of two foil strain gauges welded to the reinforcement 
cage, one at the intrados, and one at the extrados. The orientation of the strain gauges 
allowed measurement of the circumferential strain and interpretation of the stress 
developed in the pre-cast segments. With known geometry and strain gauge depth, the 
measurements collected from a set of two strain gauges allowed for the estimation of 
both thrust force (hoop force) and bending moment. The sign conventions used convey 
positive values for compressive thrust force and bending moment when the segment 
intrados is in tension. In the discussed cross-section, only two rings were instrumented 
at the Break-in (SB) tunnel. One instrumented ring was saw-cut for the cross-passage 
entrance (will be referred to as opening ring), and the second instrumented ring is 
adjacent to the opening (will be referred to as adjacent ring) (see Figure 5.4). 
Unfortunately, neither the vertical steel props nor the bicone dowels installed at the 
cross-passage openings were monitored, despite their important role in load 
redistribution. 
 
Figure 5.4. Plan view of cross-passage-39 with the different monitoring systems 
locations. The strain gauge instrumented rings are marked in green, and the 
convergence monitoring cross-sections are marked in red. 
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Convergence monitoring was performed in both running tunnels at the cross-
passage openings and inside the cross passages. Three cross-sections in each running 
tunnel at each cross-passage opening were instrumented (see Figure 5.4). In each 
cross-section, five optical reflective targets were installed according to the configuration 
shown in Figure 5.5. A manual survey was performed on a daily basis, beginning 20 
days prior to break-out. Inside each cross-passage, two cross-sections were 
instrumented in the first one-third of the excavation length and the second one-third of 
the excavation length. Three targets were installed in each cross-section, one at the 
crown and two at the spring-line of the cross-passage, as shown in Figure 5.5. The 
targets were installed in the full initial lining (20 cm of shotcrete) of the top heading 
approximately 1 m from the face of excavation. The first measurement (“zero” measured 
convergence) was taken before advancing to the next round of excavation. With 
maximum displacement measurements of up to 5 mm only and measurement accuracy 
of ±1 mm, a connection between specific activities and the convergence monitoring 
could not be determined. Further, to establish a trend of behavior, the convergence 
monitoring data was analyzed using a moving average filter.  
 
Figure 5.5. Convergence monitoring optical target locations. On the left are running 




 Numerical Model Description 
The 3D numerical model was developed using the commercial software package 
FLAC3D (Itasca 2009), based on a generalized finite difference method (FDM). The 
complex mesh was generated by SALOME Mesh (Ribes and Caremoli, 2007). The 3D 
model dimensions were set to 100 m wide, 75 m long, and 60 m high (Figure 5.6). The 
advanced 3D numerical model presented here captures the important components in 
both shield tunneling and cross-passage excavation. For the running tunnels, this 
includes the jointed segmental lining (Figure 5.6b), relaxation due to pre-convergence, 
grout annulus, and the non-linear soil behavior using the hardening soil small-strain 
constitutive model. For the cross-passage excavation, this includes the removal of 
segmental lining at the opening, temporary support elements (shear bicone dowels and 
vertical steel props), segmental lining coupling effects, step by step top-heading and 
bench excavation, initial shotcrete (flashcreate) layer (only 5 cm thick), full shotcrete 
thickness at a lag of one stage, and shotcrete time-dependent hardening. 
 
Figure 5.6. FLAC3D model general configuration 
5.3.1  Running Tunnels Construction Process  
The excavation of the running tunnels creates a disturbance in the surrounding 
ground. Depending on the in-situ stress conditions, the soil strength, and the excavation 
process, plastic strains will develop around each running tunnel. These plastic strains 
can influence the behavior of the ground during cross-passage construction. For an 
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accurate simulation of closed face TBM tunneling, step by step 3D numerical modeling 
is commonly used (Epel et al. 2020, Ninic and Meschke 2017, Do et al. 2013b). 
However, given the high complexity of cross-passage construction modeling, the 
excavation of the running tunnels requires simplifications to reduce calculation time with 
minimal influence on the accuracy of the results. In this paper, the convergence 
confinement method (CCM) is used in order to simplify the simulation of the running 
tunnel construction process while accounting for the 3D construction effects (e.g., the 
main tunnel advance is not modeled directy). In the CCM, the ground is allowed to 
converge prior to lining installation. The degree of pre-convergence depends mostly on 
the TBM internal pressure, and the distance from the face the lining is installed (Epel et 
al. 2020). 
For the simulation of pre-convergence, the CCM was implemented by an 
incremental reduction of the internal confinement pressure. The transition from initial 
geostatic stresses to grout-pressure/machine-pressure state is expressed by Eq. 5.1 
(Moller 2006):  𝜎′ = (1 − 𝜆)𝜎𝑜′ + 𝜆 ∙ 𝜎𝑔′     (5.1) 
where 𝜎𝑔′  is the effective grout pressure (𝜎𝑔′ = 𝜎𝑔  - pore water pressure), 𝜆 is the 
relaxation factor calculated by CCM equations, and 𝜎𝑜′  is the initial normal stress (Eq. 
5.2). The initial normal stress is the undisturbed geostatic stress normal to the 
excavation boundary and can be found for any point along the tunnel perimeter by the 
function of the initial undisturbed geostatic vertical effective stress, 𝜎𝑣𝑜′  and horizontal 
effective stress, 𝜎ℎ𝑜′  as seen in Eq. 5.2 (Moller 2006):  𝜎𝑜′ = 𝜎ℎ𝑜′ 𝑠𝑖𝑛2 𝛼 + 𝜎𝑣𝑜′ 𝑐𝑜𝑠2 𝛼  (5.2) 
The CCM procedure is implemented for each running tunnel accounting for a 
shield annulus pressure of 80 kPa with a relaxation factor of 𝜆=0.8 prior to lining 
installation. 
5.3.2  Soil Constitutive Model  
In this study, the hardening soil small-strain (HSS) model (referred to by Itasca 
2009 as the plastic-hardening small strains) is used. Based on the work of Schanz 
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(1999) and Benz (2006), the HSS model is characterized by a frictional Mohr-Coulomb 
failure criterion, stress-dependent soil stiffness, and different unloading/reloading 
stiffness compared to the virgin loading. For the simulation of mechanized tunneling, the 
use of a non-linear constitutive model such as the HSS model has significant 
importance as the near field zone is subjected initially to an unloading stress path, due 
to changing confinement conditions from tunnel excavation (Arash et al. 2018, Do et al. 
2013c).  
The HSS model parameters were determined from the results of available triaxial 
tests and pressuremeter tests detailed in Epel et al. (2020), and are presented in Table 
5.1. With the tunnel excavated through the highly permeable CSG material, all 
calculations have been performed under drained conditions and assuming a lateral 
earth pressure coefficient, Ko=0.6.  
 
Table 5.1. Input parameters of the HSS constitutive model. 
Description  Symbol  Unit CSG 
Internal friction angle 𝜙′  ˚ 41 
Dilation angle 𝜓 ′ ˚ 9 
Cohesion 𝑐 ′ kPa 0 
Secant stiffness in triaxial test 𝐸50𝑟𝑒𝑓 MPa 55 
Tangent stiffness in oedometer test 𝐸𝑜𝑒𝑑𝑟𝑒𝑓    MPa 55 
Unloading-reloading stiffness 𝐸𝑢𝑟𝑟𝑒𝑓   MPa 140 
Small-strain stiffness 𝐸0𝑟𝑒𝑓 MPa 240 
Poisson's ratio 𝜈 - 0.2 
Exponent power 𝑚 - 0.68 
Reference stress pref   kPa 100 
Failure ratio 𝑅𝑓 - 0.85 
 
5.3.3  Modeling the Segmental Lining 
The modeling of the segmental lining longitudinal and circumferential joints is 
critical for the accurate simulation of the opening in the segmental lining. Each 
segmental lining ring is composed of discrete pre-cast concrete segments assembled to 
form a closed ring. Tensile forces cannot be transferred between segments, and the 
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normal force at the joint (either longitudinal or circumferential) has significant 
importance on the joint behavior. With a high normal force (longitudinal force at the 
circumferential joint and hoop force at the longitudinal joints) and low moments at the 
joint, the joint remains closed with only compression pressure on the entire cross-
section. However, with a high bending moment, a gap will form when the pressure at 
the extrados/intrados becomes zero, leading to significant additional radial joint rotation. 
In terms of shear force transfer between segments within a ring, and more importantly, 
load transfer between adjacent rings, the shear coupling mechanism is characterized by 
a frictional mechanism. The shear stress-displacement relation at the joint depends on 
the normal force at the joint and the joint contact material, namely if packers are used 
and what material is used for the packers (Cavalaro and Aguado 2012). Without 
packers (concrete to concrete contact), high frictional behavior is expected together with 
high shear stiffness. The use of packers results in lower frictional resistance and lower 
shear stiffness. This behavior also varies depending on the packer material; rubber 
packers show higher frictional resistance and are stiffer compared to bituminous packer 
(Cavalaro and Aguado 2012).  
As detailed in Epel et al. (2020), the segmental lining is modeled by linear-elastic 
embedded liner elements (Itasca 2009). This embedded liner element is a shell element 
with two links at each node, permitting the interaction between the host medium 
(ground) and the structural element at both sides of the element. One side of the 
embedded liner element is connected to the surrounding ground, and the other end is 
manipulated to connect the adjacent segment (Figure 5.7). Modeling the connection 
between individual segments is done by a link connecting the nodes of each segment at 
the joint location. For the 3D case, each link includes six degrees of freedom, and each 
degree of freedom can be assigned one of three boundary conditions: free, rigid, and 
deformable. These boundary conditions are represented by six springs, with three 
translational components, KR in the radial direction, KA (in Figure 5.7b), and Kt tangent 
to the lining ring, and three rotational components (Kθ in Figure 5.7b). 
The behavior of a single segmental ring is controlled by the coupling of segments 
at the longitudinal joints. The normal force at the longitudinal joint controlling the flexural 
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behavior develops from the hoop forces. These forces are a function of several factors, 
including geostatic stresses, ground pre-convergence, soil stiffness, and more. As long 
as the circular segmentally lined tunnel ring remains closed, the radial and tangential 
translational components of the joint stiffness have a negligible effect on segmental 
lining behavior (Do et al. 2013a). As in Epel et al. (2020), a deformable rotational 
stiffness is prescribed around the axis of the longitudinal joint (Kθxx) by a bi-linear 
relation as used by Thienert and Pulsfort (2011), Do et al. (2013a, b) and others. The 
two remaining rotational components (Kθzz and Kθyy) are assumed to be rigid (Do et al. 
2013a, b). The attachment conditions of the normal translational component KAxx is by a 
deformable spring in compression that fails in tension. For the radial and tangential 
translational components (Ktyy and KRzz), a deformable spring with cut-off shear stress is 
used. The formation of the cross-passage opening, braking the compression hoop-force 
action results in a change in the initial normal forces at the longitudinal joints. If the 
segments are allowed to move, a release of normal force at the joint occurs, the 
rotational and shear coupling behavior between segments changes, and the stability of 
the ring can be compromised. To account for the formation of the cross-passage 
opening and the change in the joint normal force, the rotational and translational 




Figure 5.7. Segmental lining modeling concept and node connectivity concept (after Do 
et al. 2013a). On the top three stiffness components are shown, the axial (KA), radial 
(KR), and rotational (Kθ) (Do et al. 2013a). 
 
The behavior of the segmental lining system with the collaboration of adjacent 
rings and not as individual rings (Figure 5.8) depends on the normal force 𝑁, at the 
circumferential joints, and the maximum frictional resistance 𝜏, of the joint. The 
longitudinal force acting normal to the circumferential joints is introduced by the TBM 
hydraulic jacks pushing the TBM forward. During the shield TBM tunneling process, the 
TBM is constantly applying a longitudinal thrust force, even during standstill, in order to 
compensate for the excavation face pressure. While this longitudinal jacking force is 
applied to the tunnel lining only for a short period during construction, some longitudinal 
forces remain on the lining for its service life. Arnau et al. (2012) proposed an analytical 
formulation to predict the remaining longitudinal force of the lining as a function of time 
that considers the effect of creep of the concrete and packers. Based on this solution by 
Arnau et al., for a time period of between 6-12 months, about 70% of the longitudinal 
jacking force remains in the lining (cross-passage construction started 7 months after 
the second tunnel was monitored rings were installed). The longitudinal jacking force 
varies from the maximum value during excavation (needed to advance the TBM) and to 
a minimal force during standstill required to compensate for the excavation face 
pressure. Taking into account the maximum jacking force for the coupling of adjacent 
rings can result in the overestimation of the joint rotational and translational stiffness 
and maximum joint shear stress. This is critical for the load distribution around the 
cross-passage opening, and the minimal jacking force should be taken based on the 
force needed to compensate for the excavation face pressure. Based on an average 
face pressure of 90 kPa, the normal stress at the circumferential joint used for joint link 
properties is 0.8 MPa. For a bituminous packer (used in the Northgate project) under 
the lowest normal force tested of 1.5 MPa, Cavalaro and Aguado (2012) found the 
friction coefficient to be 0.44 and the shear stiffness to be 17 kN/mm at 80% of the max 
shear stress. The stiffness and the cut-off shear force value of each spring in the model 




Figure 5.8. Segmental lining system load sharing mechanism. The maximum joint shear 
resistance 𝜏, at the circumferential joint is of a frictional mechanism controlled by the 
joint normal force 𝑁. 
5.3.4  Shear bicone dowels and vertical steel props modeling 
The magnitude of the shear force transferred by the shear coupling elements is 
highly dependent on the stiffness of the shear coupling element. Comparing the shear 
force taken by different shear coupling elements, Benno (2016) shows how with for a 
higher modeled linear-elastic stiffness, a higher shear force develops in the coupling 
elements. However, the stiffness of shear bicone dowels is non-linear, as seen in Figure 
5.9, showing the shear force vs. displacement relation measured in the bicone dowels 
shear tests (described in section 5.2.1). Similar to Benno (2019), in the proposed 3D 
model, each shear bicone dowel is modeled by a tangential and radial non-linear-
stiffness. The non-linear modeled bicone dowels stiffness is determined from the shear 
force vs. displacement relation in Figure 5.9, where only after exceeding a shear force 
of 20 kN any measurable shear displacement (𝛥𝑢 in Figure 5.8) was measured. In 
addition to the bicone dowels at each cross-passage opening, two vertical steel props 
(hollow box section 20x20 cm outside dimension with a 16 mm wall) were modeled 
using beam elements. The beam elements were connected to a 4 mm steel anchor 




Figure 5.9. Shear force vs. displacement of the bicone dowel embedded in reinforced 
concrete shear test and the modeled non-linear- stiffness (developed based on data 
from Soundtransit, 2013d). 
5.3.5  Cross-Passage Construction Process 
The simulation of the cross-passage construction is conducted by a step by step 
excavation and support sequence according to the reported construction sequence of 
cross-passage 39 (Soundtransit, 2013b). The different activities simulated in the model 
include: removal of segmental lining at the opening, temporary support elements 
(vertical steel props installed before opening formation and shear dowels installed 
during segmental lining installation), segmental lining coupling effects, step by step top-
heading and bench excavation, initial shotcrete (flashcrete) layer (only 5 cm thick), full 
shotcrete thickness at a lag of one stage, and shotcrete time-dependent hardening. 
The step by step procedure was implemented with the following sequence: 
• Initial geostatic conditions with a lateral earth pressure ratio of Ko=0.6 are applied. 
• Excavation of running tunnels (section 5.3.2) 
• Activation of the vertical steel props in both tunnels. 




• Removal of each excavation stage according to the sequence shown in Figure 10, 
and application of a 5 cm shotcrete (flashcrete) layer on the excavation boundary of 
the last round excavated (including the face and invert).  
• Increase of the shotcrete thickness of the previous round to 20 cm. Increase of the 
shotcrete stiffness according to a time-dependent relation by Meschke et al. (1996). 




Figure 5.10. Excavation sequence of cross-passage 39. 
With the real excavation sequence reported in Soundtransit (2013b), the time 
steps between each excavation round are used to calculate the shotcrete stiffness at 
the corresponding stage. The time-dependent stiffness is calculated according to the 
relation introduced by Meschke et al. (1996) for a 28-day elastic modulus of 28 GPa. 
The shotcrete time-dependent stiffness was modeled by increasing the modulus of the 
shotcrete applied at each excavation round independently. 
 Results  
In this section, the 3D modeling results are discussed together with thrust-
moment field measurements and convergence monitoring data. Modeling results and 
field measurements are presented against a timeline of the construction sequence 
102 
 
shown in Figures 5.10. The typical excavation round of the top heading (TH) took 
between 1-2 days (with the exception of TH-2 that took 5 days), and the typical 
excavation of the bench (B) took one day, excluding weekends and Christmas that took 
place after the excavation of TH-5.  
The sequential cross-passage construction process can be divided into three 
main areas of interest: the break-out opening, the cross-passage tunnel, and the break-
in opening. While the differentiation between the cross-passage tunnel and break-in/out 
is straightforward, the differentiation between break-in and break-out is important given 
the different loading mechanisms, as will be discussed in this section.  
Displacement measurements are very small (due to manual survey as mentioned 
in section 2.3) and have an accuracy of +/- 1 mm. Therefore, much of the day to day 0.5 
mm fluctuations in these displacements are likely not reliable and analyzed using a 
moving average filter. It is also worth noting that strain gauge data was recorded 
continuously, so their changing response is temporally accurate. Convergence 
monitoring data, however, was recorded manually and is reported to the nearest day 
and analyzed using a moving average filter. Therefore, the temporal comparison of 
strain and convergence events is challenging.  
5.4.1  Loading process at the break-out tunnel 
Shear bicone dowels are installed during ring build at three circumferential joints 
at each opening. Figure 5.11 shows the predicted shear loads that develop in the 
bicone dowels (bicone shear forces were not measured in the field) connecting the 
opening ring to the adjacent ring, and for the bicones connecting the two opening rings, 
around the break-out opening. After ring installation and before any cross-passage 
activities begin, no load is taken by the bicones dowels, as the segmental lining system 
deforms uniformly (i.e., no differential displacement between rings). Once the cross-
passage break-out opening is formed (day 0), a sharp increase in the tangential shear 
force is observed (Figure 5.11a) for the bicone dowels connecting the opening rings to 
the adjacent rings, while very low tangential shear forces develop at the bicone dowels 
connecting the two opening rings. Figure 5.11(b) shows that radial bicone dowel shear 
forces are very low after the cross-passage break-out is opened. Low radial forces 
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develop as the lining is still confined by the surrounding soil, while only tangential 
bicone dowel forces develop as the hoop forces are transferred to the adjacent rings, as 
both opening rings are cut, and thrust hoop action is broken. Part of the forces are 
redistributed to the closed adjacent rings by bicone dowels, and some taken by vertical 
steel props that see an increase in thrust force of about 670 kN (Figure 5.11c). After the 
first TH round is excavated, an increase in bicone dowel tangential shear forces and a 
slight decrease in steel props thrust force occurs. The tangential force of the bicone 
dowels connecting the opening ring to the adjacent ring increases by 20-60% and the 
vertical steel props thrust force decreases by about 15%. The bicone dowel radial shear 
force also increases after the excavation of TH-1 at the bicone dowels connecting the 
opening ring to the adjacent ring. Positive radial shear forces indicate the opening ring 
is deflecting outwards relative to the adjacent ring, and negative radial shear forces 
indicate the opposite relative deflection. The positive radial shear force of the bicone 
dowels closest to the opening (marked in red and green in Figure 5.11b) show the cut 
segments are deflecting outwards and the next set of bicone dowels located closer to 
the crown (marked in blue in Figure 5.11) deflect inwards indicating the opening ring is 
squatting relative to the adjacent ring. Both radial and tangential shear bicone dowel 
forces do not change much as the cross-passage excavation advances, except for the 
radial shear force of the bicone dowels under the opening (marked in green) as a result 
of the first bench excavation. Unlike the bicone dowel tangential shear force, the vertical 
steel prop force is influenced by the first excavation stages with an increase of about 
20% after the excavation of TH-2 and a decrease of about 30% after the excavation of 




Figure 5.11. Temporary support elements force predicted by 3D modeling at the NB 
tunnel (break-out opening) vs. time in days from break-out. Bicone dowels (a) tangential 
shear forces and (b) radial shear forces. The color legend correlates to the bicone 
dowel color position in the top right of the figure. Filled markers show the bicone dowels 
connecting the opening ring to the adjacent ring, and the unfilled markers show the 
bicone dowels connecting the two opening rings. (c) Predicted steel prop thrust force.  
The hoop force transfer from the opening ring to the adjacent ring can also be 
observed in the predicted lining load diagram in Figure 5.12 (strain gauges were 
installed only at the break-in (SB) tunnel), where selected stages are presented on each 
diagram. As the cross-passage opening is formed, the thrust force (at the mid-width of 
the modeled rings) in the opening ring (Figure 12d) decreases by about 50% just above 
the opening and only about 5% at the opposite side from the opening. As seen in Figure 
5.11, some thrust force is transferred by the bicone dowels to the adjacent ring resulting 
in an increase of about 20% in thrust force of the adjacent ring (Figure 5.12b) after the 
cross-passage opening is formed. This is followed by another increase after the 
excavation of TH-1 with a maximum thrust force 60% above the original thrust force. 
This change in thrust force at the adjacent ring is mostly at the side closer to the 
opening as the opposite side the thrust force varies by no more than 10%. 
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Figure 5.12c shows how the bending moment diagram of the opening ring did not 
change much due to the formation of the cross-passage opening, as the segments were 
cut very close to the point where bending moments change from positive to negative. A 
very high bending moment develops above the opening after the first top heading 
excavation, and below the opening after the first bench excavation, as the soil confining 
the cut ring is excavated up to the point where the maximum bending moment is 
observed. The removal of the soil confinement allows the segments to deform at one 
side while the remaining part of the segment is still confined and restrained, resulting in 
a high bending moment. For the closed adjacent ring, a similar confinement condition 
results in a high negative bending moment at the spring-line next to the opening and a 





Figure 5.12. Segmental lining loads at the (a) & (b) adjacent ring and (c) & (d) the 
opening ring of the break-out (NB) tunnel. (a) & (c) show bending moments (kN-m/m) 
and (b) & (d) show thrust force (kN/m) diagrams at the mid-width of the modeled rings. 





At the NB tunnel, available monitoring data included only daily manual 
convergence monitoring. Figure 5.13 shows the field convergence monitoring and the 
3D modeled lining deformation at the same locations vs. days after break-out. One day 
prior to break-out, displacements are initialized (zero reading). Both the adjacent ring 
(Figure 5.13a) and the opening ring (Figure 5.13b) show an overall squatting behavior 
as the cross-passage tunnel is excavated, as monitoring points M1 and M2 move 
downwards and point M5 moves upwards. Horizontal displacements are not shown, as 
measured values are smaller than the survey tolerance. 
 
Figure 5.13. NB tunnel (break-out location) field convergence monitoring and the 3D 
model lining deformation at the (a) adjacent ring and (b) opening ring vs. time in days 
after break-out. The color legend correlates to the monitoring point color position shown 
on the right. Field convergence monitoring is shown by lines and markers without fill, 





5.4.2  Loading Process at Cross-Passage 
Two cross-sections were monitored inside the cross-passage, at TH-2, and TH-5. 
Figure 5.14 shows the field convergence measurements and modeled cross-passage 
lining displacements (at the same locations) for the two monitored cross-section. The 
first field measurement (zero reading of convergence) at TH-2 was taken after the 
excavation of TH-3, followed by a daily survey. The modeled displacements shown in 
Figure 5.14a begin from the end of the excavation of TH-2 (zero reading is before 
excavation). The first field measurement (zero reading) is corrected to the modeled 
displacement after the excavation of TH-3 (which correlates to the stage the first field 
measurement was taken). Figure 5.14a shows that the model is able to reproduce the 
horizontal displacements of both the spring-line field measurements with very good 
agreement. The crown measurements are not shown here given that the first 
measurement is only reported after the excavation advanced, and no additional 
convergence occurred. For TH-5, the modeled displacements shown in Figure 5.14b 
begin from the end of the excavation of TH-5 (zero reading is before excavation). The 
first field measurement (zero reading) is corrected to the modeled displacement after 
the excavation of B-4 (which correlates to the stage the first field measurement was 
taken). As in TH-2, the model is able to predict the TH-5 horizontal spring-line 




Figure 5.14. Cross-passage field convergence monitoring and the 3D model lining 
deformation vs. time in days from break-out. The location of each monitoring cross-
section is shown on the right top side. The color legend correlates to the monitoring 
point color position on the right bottom. Field convergence monitoring is shown by lines 
and markers without fill and the 3D model lining deformation results are shown by full 
markers 
5.4.3 Loading Process at the Break-In Tunnel 
At the SB tunnel, available monitoring data included both convergence 
monitoring and strain gauges installed in the segmental lining. Strain gauges were 
installed in one opening ring and one adjacent ring. However, sufficient continuous data 
is available only from one segment in the adjacent ring during cross-passage 
excavation. Figure 5.15 shows measured bending moments and thrust forces compared 
to the modeled results of the adjacent ring. The field measured thrust force begins to 
increase after the excavation of TH-3 on day 9, while the modeling results show an 
increase in thrust after the excavation of TH-2 on day 8. The measured bending 
moment begins to change after the excavation of B-1, with a decrease also predicted by 
the 3D model. The increase in thrust force trend continues until TH-5 is excavated on 
day 15. The 3D model results show a similar trend, with only a lower magnitude of 
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thrust force increase. The measured bending moment shows another decrease in 
bending moment after the excavation of B-2, indicating the SB tunnel is squatting, 
deforming towards the cross-passage excavation. This squatting behavior, revealed by 
the decrease in bending moment (the outer fiber is in tension and inner fiber in 
compression), is in line with the convergence monitoring at the SB opening location 
seen in Figure 5.16. Here, the crown monitoring prisms M1 and M2 show downward 
movement (positive displacement is upward) while the invert monitoring prism M5 
moves upward. Note that while there is a difference between the model results and the 
field convergence measurements of the opening ring, the difference between prism M1 
and M5 is predicted well by the model. Following the excavation of TH-5, no work is 
done in the cross-passage for approximately two weeks (around the time of Christmas), 
excluding the excavation of B-3 on day 23. During these two weeks, no significant 
changes in loading are observed (Figure 5.15). Following the excavation of B-4, the 
thrust force decreases and continues to decrease as B-5 is excavated. However, this 
decrease in thrust force is not predicted by the 3D model. For bending moments, the 3D 
model is still in agreement with the field measurements, as squatting behavior seen by 
another decrease in bending moment as a result of the excavation of B-4 and B-5. The 
convergence monitoring data also continues to show the squatting trend with a big 
increase in displacements after the excavation of B4 (Figure 5.16). When the last top-
heading, TH-6 is excavated exposing the SB tunnel segments, Figure 15a shows an 
increase in measured thrust force predicted by the model as well with only a lower 
magnitude, following a sharp decrease in measured thrust force as a result of the 
excavation of the last bench, B-6 that is not predicted by the model. The bending 
moments field measurements are still in agreement with the model prediction showing 




Figure 5.15. SB tunnel (break-in location) adjacent ring location B: (a) thrust and (b) 
bending moment from strain gauge monitoring and the 3D model lining deformation vs. 
time in days after break-out.  
 
Figure 5.16. SB tunnel (break-in location) field convergence monitoring and the 3D 
model lining deformation (a) opening ring and (b) adjacent ring vs. time in days after 
break-out. The color legend correlates to the monitoring point color position on the right. 
Field convergence monitoring is shown by lines and markers without fill, and the 3D 
model lining deformation results are shown by full markers. 
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The model predicted shear forces that develop in the bicone dowels around the 
break-in opening are shown in Figure 5.17. As observed at the break-out side after ring 
installation, no load is taken by the bicones dowels before any cross-passage activities 
begin. As the cross-passage excavation advances towards the break-in tunnel, a slow 
increase in shear force is observed. For the bicone dowels connecting the adjacent ring 
to the opening ring, a sharp increase in both tangential and radial force is seen after the 
excavation of the last round of top-heading excavation. Similar to the break-out side, 
almost no load is taken by the bicone dowels connecting the two opening rings. 
However, unlike at the break-out side, this is seen before the rings are cut open. At the 
break-in side, the loading mechanism is different; first the bicone dowel shear load 
develops as a result of the differential deformation between the adjacent rings and the 
opening rings. The opening ring squats more as the last rounds of top-heading and 
bench expose the opening ring removing all confinement, while the adjacent ring is only 
partially exposed, leaving some ground resistance to squatting deformations. The 
vertical symmetry around the cross-passage axis results in a no deferential 
displacement between the opening rings and low forces in the bicone dowels 
connecting the opening rings. 
Similarly to the bicone dowels loading process, the vertical steel props thrust 
force increases gradually as the cross-passage excavation advances towards the 
break-in tunnel (Figure 5.17c). A sharp increase in thrust force is seen after the 
excavation of B-5, followed by a 40% decrease of thrust force after the excavation of 
TH-6 and B-6. In the last stage when the break-in opening is formed, a 40% increase in 
thrust force is observed. However, this final force is lower than the thrust force seen 




Figure 5.17. Temporary support elements forces predicted by 3D modeling at the SB 
tunnel (break-in opening) vs. time in days from break-out. Bicone dowels shear forces 
(a) tangential shear forces and (b) radial shear forces. The color legend correlates to 
the bicone dowel color position in the top right figure. Filled markers show the bicone 
dowels connecting the opening ring to the adjacent ring, and the unfilled markers show 
the bicone dowels connecting the two opening rings. (c) Predicted steel prop thrust 
force.  
Figure 5.18 shows the opening ring and the adjacent ring bending moment and 
thrust force diagrams, where selected stages are presented. While the final bending 
moment and thrust force diagrams are similar to that of the beak-out (NB) tunnel, the 
thrust force in the opening ring first increases as the excavation advances (as seen after 
the excavation of TH-4), and only after the excavation of B-5 a gradual decrease 
occurs. Even before the break-in opening is formed after the excavation of B-5, the steel 
props take a considerable amount of the load (as can be seen in Figure 5.18c), 
matching the decrease in thrust force in the opening rings at the area bridged by the 
steel props (Figure 5.18d). As seen for the adjacent ring in Figure 5.15, both the 
adjacent ring (Figure 5.18a) and the opening ring (Figure18c) show a gradual squatting 




Figure 5.18. Segmental lining loads at the (a) & (b) adjacent ring and (c) & (d) opening 
ring of the break-in (SB) tunnel. (a) & (c) show bending moments (kN-m/m) and (b) & (d) 
show thrust force (kN/m) diagrams. The position of the cross-passage opening is shown 




5.4.4  Support Elements Capacity Considerations  
As the segmental lining around the opening serves as the initial and final support 
system and must remain watertight and within serviceability condition, cross-passage 
support elements must remain within allowable capacity. Figure 5.19 shows that the 
shear bicone dowels do stay within their allowable capacity for the case described 
above. Figure 5.19 also shows the bicone dowels shear forces from an additional 3D 
model where no vertical steel props were installed, and the opening rings hoop thrust 
forces transfers to the adjacent rings through the bicones dowels and joints friction. For 
this case without steel props, the bicone dowel shear force is higher than the allowable 
bicone dowel capacity by 20%. By improving the reinforcement configuration around the 
bicone dowels, an increase in the bicone-concrete shear force capacity can be 
increased by as much as 60%, as shown by Gehwolf et al. (2016) and requires 
additional testing. 
As the segmental lining around the opening must remain in serviceability 
condition, the thrust-moment combination must remain within the reinforced concrete 
allowable thrust-moment envelope. Figures 5.12 and 5.18 show that the most critical 
points are at the opening rings above and below the opening where the thrust force is 
very low, and the bending moment is very high. At the adjacent ring, high bending 
moments develop at the spring-line close to the opening; however, combined with high 





Figure 5.19. Bicone dowels predicted shear force at the (a) break-out (NB) tunnel and 
(b) break-in (SB) tunnel vs. time in days from break-out. The color legend correlates to 
the bicone dowel color position in Figures 5.12 and 5.18. Full markers show the bicone 
dowels connecting the opening ring to the adjacent ring, and the markers without fill 
show the bicone dowels connecting the two opening rings 
 Conclusions  
Cross-passage construction is a complex 3D ground-structure interaction 
problem. Despite the complexity of cross-passage construction, little research is 
available in the literature on cross-passage openings in segmentally lined tunnels. In 
this paper, an advanced 3D ground-structure interaction numerical model together with 
field measurements is used to achieve a better understanding of the load development 
in support systems of cross passages, mainly at the openings created in the segmental 
lining of the running tunnels. The 3D numerical models allowed the prediction and 
analysis the response of the different cross-passage components not instrumented in 
the field, such as the shear bicone dowels shear forces, vertical steel prop forces, and 
segmental lining load diagrams. The presented model details all the complex ground-
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structure interaction aspects taken into account for both shield tunneling (running 
tunnels) and cross-passage excavation. The advanced 3D numerical model presented 
here captures the important components in both shield tunneling and cross-passage 
excavation, including the jointed segmental lining coupling effects, running tunnels 
relaxation due to pre-convergence, the non-liner soil behavior, removal of segmental 
lining at the cross-passage opening, temporary support elements (shear dowels and 
vertical steel props), step by step top-heading and bench excavation, initial shotcrete 
layer, full shotcrete thickness at a lag of one stage, and shotcrete time-dependent 
hardening.  
The results show the difference between the loading process of the break-in and 
break-out. The loading process at the break-out side is controlled mostly by the saw-
cutting of the opening and the elements distributing the hoop load around the opening. 
At the break-in side, considerable lining loads develop prior to the saw cutting as a 
result of the advance of the cross-passage tunnel and the relaxation of the ground 
confining the break-in area. This relaxation results in differential deformation between 
the adjacent rings and the opening rings, inducing considerable loads. The opening ring 
at the break-in tunnel squats more as the last rounds of top-heading and bench expose 
the opening ring removing all confinement, while the adjacent ring is only partially 
exposed, leaving some ground resistance to squatting deformations. 
The most critical points in regards to the load capacity of the cross-passage 
opening support elements are segmental lining above and below the openings, and the 
bicone dowels shear capacity. Above and below the opening, the most unfavorable 
thrust-moment combination is found with zero thrust force and very high bending 
moments. When combined with vertical steel props, the bicone dowels shear force is 
found to remain within their allowable capacity for the Northgate Link case. From an 
additional analysis without the vertical steel props, it was found that the bicone dowels 
shear force exceeded the allowable capacity by only 20%. The gap between the 
allowable capacity and the predicted load can be bridged by improving the 




CHAPTER 6  
GENERAL DISCUSSION AND FURTHER RESEARCH 
This thesis has allowed several contributions to the knowledge and the 
understanding of ground-structure interaction of segmentally lined tunnels constructed 
using pressure balance TBM tunneling and of cross-passage openings in segmentally 
lined tunnels. While conclusions are detailed in each chapter, the following sections 
discuss the most imported conclusions followed by recommendations for further 
research. 
 Ground-Structure Interaction for Pressure Balance TBM tunneling in Soft 
Ground 
The influence of face and shield annulus pressure on tunnel lining loads is 
investigated using 3D numerical modeling and rare segmental lining load field 
measurement data (Chapter 3). For pressure balance TBMs where the shield annulus is 
full of pressurized material, the final lining loads are controlled by the chamber and 
shield annulus pressure. Drops of the chamber pressure are common in EPBM 
tunneling during excavation standstill. These chamber pressure drops were found to 
result in significant influence on tunnel lining thrust forces. As a result of the pressure 
drop at the chamber and the shield annulus, the stress redistributes, decreasing around 
the shield and increasing around the last installed rings (closest to the shield tail). This 
results in an increase in the lining thrust force of the last installed rings, with the highest 
increase in the last ring installed, reducing farther away behind the tail. The rings 
installed supporting the ground that experienced the pressure drop will develop lower 
lining loads due to the higher degree of relaxation as a result of the pressure drop. The 
proposed 3D numerical model simplifying the TBM shield with the shield annulus 
pressure can be used to predict the segmental lining structural forces without the need 
for complex modeling of the shield and soil-shield interaction. However, this assumption 
must be validated by demonstrating that the maximum tunnel displacement is smaller 
than the annulus gap. 
The accuracy of the LDP solution is critical for a reliable prediction of the lining 
forces in 2D modeling and in analytical solutions. Based on the importance of the TBM 
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support pressure for the prediction of lining loads, the ability to predict the amount of 
convergence prior to lining installation relays on incorporating the support pressure 
applied during excavation. Furthermore, the HSS model is able to generate more 
realistic soil response in terms of non-linearity, stress dependency, and inelasticity 
compared to the EPP the MC model. Chapter 4 discusses the investigation of the 
longitudinal displacement behavior and proposes an LDP solution for soft ground 
tunneling characterized by the HSS model and constructed using pressure balance 
TBMs. The results show the difference between the ground response of a tunnel 
excavated in EPP soil compared to a tunnel excavated in HSS soil. The main 
differences arise from the fact that in the HSS model, there is no fully elastic zone 
around the tunnel, and plastic strains (as part of the elastoplastic behavior described by 
Eq. 4.7) develop from the initiation of shearing. It was also found that the calculation of 
LDPs assuming linear-elastic or the EPP soil behavior compared to the more realistic 
HSS model can result in overestimation of the pre-convergence that will occur prior to 
liner installation. This overestimation of the pre-convergence by EPP MC was shown to 
be as much as 20%. Together with GRCs that show no significant difference between 
the HSS and MC (when put in terms of normalized values), the use of EPP soil models 
can result in underestimation of support loads for ground better characterized by the 
HSS model. A comprehensive parametric analysis was conducted for the development 
and validation of the HSS LDP equation (Eq. 4.16). The parametric analysis included a 
variation of internal support pressures (allowing different degrees of elastoplastic 
behavior), and a variation of selected input parameters of the HSS model. The results 
showed a very good ability of the HSS LDP solution to predict the tunnel LDP in HSS 
material. 
 Ground-Structure Interaction of Cross-Passage Tunnels Connecting 
Segmentally Lined Tunnels 
An advanced 3D ground-structure interaction numerical model was proposed and 
validated with rare field data from the Seattle Sound Transit Northgate Link tunnel 
project, including data from strain gauges installed in segmental lining rings and 
convergence monitoring (Chapter 5). This 3D ground-structure interaction model 
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presented in detail for the first time in available literature was used to achieve a better 
understanding of the load development in support systems of cross passages, mainly at 
the openings created in the segmental lining of the running tunnels. The results show 
the difference between the loading process of the break-in and break-out. The loading 
process at the break-out side is controlled mostly by the saw-cutting of the opening and 
the support elements distributing the hoop load around the opening. At the break-in 
side, considerable lining loads develop prior to the saw cutting as a result of the 
advance of the cross-passage tunnel towards the break-in and the relaxation of the 
ground confining the break-in area. This relaxation results in differential deformation 
between the adjacent rings and the opening rings, inducing considerable loads. The 
most critical points in regards to the load capacity of the cross-passage opening support 
elements are segmental lining above and below the openings, and the bicone dowels 
shear capacity. Above and below the opening, the most unfavorable thrust-moment 
combination is found with close to zero thrust force and very high bending moments. 
When combined with vertical steel props, the bicone dowels shear force is found to 
remain within their allowable capacity for the Northgate Link case. From an additional 
analysis without the vertical steel props, it was found that the bicone dowels shear force 
exceeded the allowable capacity by only 20%. 
 Recommendations for Further Research 
The research conducted as part of this thesis contributed to the knowledge and 
the understanding of ground-structure interaction. At the same time, it also highlighted 
some aspects that require further research. The following aspects are recommended for 
future research: 
• Investigation of the validity of the proposed 3D model for pressure balanced 
mechanized tunneling for smaller shield annulus gaps and different pressure 
profiles between the face and the shield tail. 
• Measurement of field LDPs using shape accelerometer array (also referred to as 
horizontal inclinometer) for further investigation of soft ground LDP. 
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• Further investigation on ground-structure interaction of cross-passages should be 
done for different ground properties, main tunnels vs. cross-passage diameter 
ratios, cross-passage excavation sequences, temporary support elements (full ring 
beam, steel segments, types of shear dowels), and conditions of circumferential 
joint coupling. 
• Investigation of circumferential joint frictional coupling mechanism by field 
measurement of normal force at the circumferential joints.  
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LINER LOAD ESTIMATION FOR SOFT GROUND PRESSURE BALANCE TBM 
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A.1. ABSTRACT 
Pressure balance TBM tunneling has advanced to the point where it is routine to 
essentially match the face and annulus pressures around the TBM envelope. Resulting 
ground deformations are sensitive to the face pressure-effective stress ratio. The 
loading on segmental lining is impacted by this, and specifically the degree of pre-
convergence, i.e., the relaxation and arching of the ground prior to lining installation. 
With very little information on the convergence-confinement relationship in pressure-
balance TBM situations. This paper addresses the loading on pre-cast segmental lining 
during pressure balance TBM tunneling based on lining load data from the Northgate 
Link project.   
A.2. INTRODUCTION 
Liner load estimation in pressure balance TBM tunneling (using both EPB and 
slurry machines) is highly dependent on the degree of pre-convergence prior to the 
installation of the segmental lining rings. The load redistribution concept is commonly 
taken into account in tunnel lining design by the use of the convergence-confinement 
method (CCM). More commonly used in conventional tunneling, the CCM is used in 2D 
analysis to account for the 3D effects of the excavation face, allowing for pre-
convergence in front and behind the tunnel face, prior to lining installation. The pre-
convergence allowed in this method results in more realistic lower liner loads as the 
ground stresses are redistributed and are partly taken by the ground. To implement the 
 
5 Colorado School of Mines 
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3D effects in 2D numerical analysis several approaches are commonly used as: the 
contraction method, the stress reduction method, and the grout pressure method.  
While in conventional tunneling, the geostatic stresses are not balanced at the 
face of excavation and at the tunnel periphery for a short time after excavation. In 
pressure balance TBM tunneling, the face and excavation boundary are supported by 
pressurized slurry or conditioned muck to reduce surface settlements. The allowance of 
pre-convergence prior to liner placement accomplished through the CCM is widely used 
for conventional tunneling. However, in most design processes involving pressurized 
shield tunneling projects, pre-convergence is often neglected. The rationale is that 
pressure at the face of the excavation reduces the pre-convergence, and that the 
assumption of zero pre-convergence yields more conservative (higher) lining forces. 
In this paper, data from strain gauges installed in segmental lining rings on the 
Seattle Sound Transit Northlink tunnel project (Frank et al. 2015, Epel et al. 2018a, 
Epel. et al. 2018b) are analyzed during the final state of geostatic loading in varying 
geologies along the glacially-deposited alignment. Commonly used numerical modeling 
methodologies are employed to predict liner loading. The experimental and model 
results are compared.  
A.3. PROJECT BACKGROUND 
The Northgate link extension project includes 5.6 km of twin bored tunnels and 
23 cross-passages. The tunnels run north from the University of Washington to the 
Maple Leaf portal in north Seattle. The twin bored tunnels were constructed using two 
EPB TBMs each with an excavation diameter of 6.64 m and supported in a single pass, 
gasketed segmental lining, 25 cm thick, and an extrados diameter of 6.25 m. Each ring 
is composed of four full size segments and key and counter key segments. The nominal 
ring width was 1.5 m, and the universal ring had an overall ring taper of 69.9 mm. The 
prefabricated segment design concrete strength was 55 MPa, with realized strengths 
closer to 67 MPa on average. The segments were reinforced with wire mesh with 
primary D14 reinforcement bars. 
The geology of the area through which the tunnels were constructed consists of 
complex and highly variable interlayered glacial and non-glacial soil deposits. As part of 
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the geotechnical baseline work, the geological units were grouped into engineering soil 
units (ESU) based on their behavioral characteristics. All tunnel excavation was 
conducted in the following glacially overridden ESUs; till and till-like deposits (TLD), 
cohesionless sand and gravel (CSG), cohesionless silt and fine sand (CSF) and 
cohesive clays and silts (CCS).  Figure A.1 shows the variable geological conditions 
found at the two cross-sections discussed in this paper. 
 
Figure A.1. On the left the Northgate link geological cross section 1 at station 1335+00, 
on the right cross-section 2 at station 1327+70 
A.3. INSTRUMENTATION & MONITORING 
As part of the monitoring program wireless RFID strain gauges were installed in 
select pre-cast concrete segments (Epel et al. 2018a, Epel. et al. 2018b). Data from two 
locations or cross-sections are presented in this paper. Within each selected ring, three 
segments were instrumented – two full-size segments plus a key or counter key. Each 
instrumented segment was outfitted with a set of two foil strain gauges, with full 
Wheatstone bridge that were welded to the reinforcement cage, one at the intrados and 
one at the extrados. The strain gauges were installed in a slightly asymmetrical 
configuration due to limitations in the casting process (Figure A.2b). The intrados strain 
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gauge center axis depth from the segment extrados is 58 mm as the strain gauge is 
installed on #3 rebar (9.5 mm) welded to the underside of the longitudinal 14 mm 
diameter (i.e., away from the intrados concrete face) rebar welded to the primary 
reinforcement (14 mm diameter), and minimum clearance is 25 mm. The extrados sister 
bar was installed on the exterior of the longitudinal reinforcement resulting in a depth of 
approximately 37 mm for the extrados stain gauge center axis. The strain gauges were 
part of a wireless sensing system developed by Phase IV Engineering (Boulder, 
Colorado). The layout, implementation and recording program was developed in 
cooperation between the tunnel contractor JCM Northlink and designer L-7 Services 
(based in Golden, Colorado). Collection of the strain gauge readings required passing a 
flat panel RFID reading unit within 30 cm of the concrete surface in the vicinity of the 
embedded sensor. The monitoring schedule included an initial zero strain reading after 
the welding of the sister bars, and prior to casting, followed by readings every two 
weeks after segment installation.  
 
Figure A.2. a) Cross-section of a typical instrumented ring, with the instrumented 
segments marked A, B & C. b) Segment cross-section at strain gauge location 
(dimensions in mm). c) Strain gauge location on a typical segment plan view d) Sign 
convention for bending moments and thrust force 
 
The orientations of the strain gauges allowed measurement of the circumferential 
strain and interpretation of the stress developed in the pre-cast segments. With known 
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geometry and strain gauge depth, the measurements collected from a set of two strain 
gauges allowed for the calculation of both thrust forces (hoop forces) and bending 
moments developed. The sign convention of the thrust forces and bending moments is 
positive for compressive thrust force, and positive for bending moment when the 
segment intrados is in tension (Figure A.2d). A different arrangement of the 
instrumented rings was installed at the two cross-sections presented in this paper 
(Figure A.3). In cross-section 1 only two rings were instrumented at the second (SB) 
tunnel excavated. In cross-section 2 one ring was installed at the first tunnel excavated 
and two rings at the second tunnel excavated.  
 
Figure A.3. Instrumented rings marked in green at the two cross-section, on the left 
cross-section 1 and on the right cross-section 2 
A.4. NUMERICAL MODELING  
An accurate prediction of lining forces requires modeling of the tunneling 
procedure and significant behavioral models including models for: soil constitutive 
behavior, grout pressure and stiffness, segmental joint rotational behavior, and 3D 
effects. In this study the constitutive soil model, the segmental joint rotational stiffness, 
and grout stiffness sensitivity are not investigated. The main purpose of this study is to 
examine the influence of two common 2D plane strain analysis approaches of the 3D 
effects of the face of excavation. The first is the ‘wished into place’ approach, where no 
pre-convergence or ground relaxation is allowed prior to liner installation. The second 
approach allows for pre-convergence according to the grout pressure method presented 
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by Moeller (2006). In this study a 2D numerical model is adopted based on the work of 
Do et al. (2013) and is described in this section.  
The 2D modeling was carried out using the finite-difference program FLAC 3D. 
The general configuration of the 2D models is presented in Figure 7 for cross-section 1. 
Each tunnel has an excavation diameter of 6.64 m with an annulus gap of 22.5 cm. The 
lining is modeled with embedded liner elements with the full thickness of 25 cm. The 
distance between the tunnel center lines is 12.2 m (1.85 diameters), and the depth to 
spring-line is 5.5 and 4.8 diameters. The 2D model size is 124 m in the transverse 
direction and extends 31 m under the tunnel SL with a total of 8016 elements. 
Symmetry is not used so that the influence of twin tunnel excavations can be 
investigated. The boundary conditions were set as fixed in the horizontal direction at the 
sides and fixed in both directions at the bottom (Figure A.7). 
The segmental lining is modeled by embedded liner elements connected by 
double node connection links at each node (Figure A.4), to permit the interaction 
between the host medium (ground), and the structure element. While one side of the 
element is connected to the surrounding ground, the link at the other side is 
manipulated to connect the two separate segments. Based on Leonhardt and Reimann 
(1966), Janssen (1983) developed a simple quantification of the properties for these 
longitudinal segmental joints. The joints are .described in the form of moment-rotation 
relationship Eqs. (A.1) and (A2). 
 {𝜙 = 𝑀ℎ𝐸𝐼 = 12 𝑀𝐸𝑎2𝑏}  𝑙𝑖𝑛𝑒𝑎𝑟 𝑝𝑜𝑟𝑡𝑖𝑜𝑛  𝑀 < 16 𝑁𝑎    (A.1) 





Figure A.4. Segmental lining node connectivity concept (after Do et al. 2013) 
 
This behavior of the segmental joints is significantly controlled by the normal 
force at the joint. With high normal force at the joint and low moments, the joint remains 
closed with only compression pressure on the entire cross-section. However, with high 
bending moment or small joint thickness, a gap will form when the pressure at the 
outer/inner side becomes zero, leading to significant additional rotation. The application 
of this method can be done by a simplified process to determine the values of the spring 
constants. The simplified procedure used by Do et al. (2013), and Thienert and Pulsfort 
(2011) requires first to calculate the reference case with full hinge release at the joints.  
From the average normal force developed in the tunnel lining, the maximum limit 
bending moment is calculated for an angle rotation ϕ of 0.001 radians, which is 
assumed as an approximation of the maximum, permissible rotation. Do et al. (2013), 
and Thienert and Pulsfort (2011) also showed that the segmental joint moment-angular 




Figure A.5. Bending moment – joint rotation relationship of the longitudinal joint 
 
In this study, for the joint rotational stiffness, a bi-linear rotational spring is given 
to the joints as shown in Figure A.5. While the translational connections are given a rigid 
connection as Do et al. (2013), found that the axial and radial stiffness have a negligible 
effect on the segmental lining behavior. 
The grout used in the project reached an average strength of 1.7 MPa in 28 days 
which correlates to an elastic modulus of 150 MPa according to a study made by 
Sharghi et al. (2017). In the study presented here the grout is modeled with a time-
dependent function seen in Figure A.6, based on the work of Kasper and Meschke 
(2004), where the initial stiffness of 8 hours is assumed for fresh grout properties to 
adjust for the fast gel time of the two-component grout. 
 
Figure A.6. Time-dependent elastic modulus of the grout according to a 28-day strength 
of 150 MPa to Kasper and Meschke (2004) 
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The use of a non-linear soil constitutive model in pressure balance TBM 
tunneling is significant, as the ground is subjected to loading-unloading-reloading cycles 
in changing confinement conditions. The Plastic-Hardening model (Itasca 2009) was 
adopted in this study, to account for nonlinear stiffness due to the variation in confining 
stresses and unloading-reloading. The properties used were validated using available 
triaxial tests and pressuremeter tests. 
Modeling the liner-ground interaction with 2D plane strain analysis requires 
assumptions to simulate the effects of the 3D tunneling process. This is accomplished 
with the well-known convergence confinement method (CCM) based on the work of 
Panet (1982), Vlachopoulos and Diederichs (2009), and others. For pressure balance 
TBM tunneling in non-linear ground behavior an incremental stress reduction procedure 
is required to build the ground reaction curve (GRC). This is done by the grout pressure 
method (Moller 2006). The transition from initial geostatic stresses to grout-
pressure/machine-pressure state is expressed by Eq. A.3 (Moller 2006), where 𝜎0 is the 
initial normal stress and 𝜎𝑔 is the grout pressure. 𝜎 = (1 − 𝜆)𝜎0 + 𝜆 ∙ 𝜎𝑔           (A.3) 
The normal stress can be given as a function of the initial vertical and horizontal 
stresses by Eq. A.4 (Moller 2006).  𝜎0 = 𝜎ℎ0 𝑠𝑖𝑛2 𝛼 + 𝜎𝑣0 𝑐𝑜𝑠2 𝛼        (A.4) 
The pre-convergence at the location of lining installation can then be obtained 
according to the longitudinal displacement profile (LDP) of Vlachopoulos and Diederichs 
(2009) in the following equation. 
𝑢(𝑥) = 𝑢𝑚𝑎𝑥 [1 − (1 − 𝑢𝑓𝑢𝑚𝑎𝑥) 𝑒−(3𝑥𝑟0∙ 𝑟02𝑟𝑝)]      (A.5) 
Here, x is the distance from the face and 𝑢𝑓 is the radial displacement at the face 
according to Eq. A.6. 
𝑢𝑓 = 𝑢𝑚𝑎𝑥 13 𝑒−0.15(𝑟𝑝𝑟0)        (A.6) 
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The 3D effect of the distance from the face can be simulated by coupling the LDP 
and GRC and applying a fictitious internal pressure using Eq. A.4 in a 2D numerical 
model that will result in the pre-convergence estimated by Eq. A.5 prior to liner 
placement.  
For the simulation of the construction process in the zero pre-convergence 
models (wished into place), three stages have been carried out: (1) an initial state of 
undisturbed ground under gravity conditions (geostatic loading); (2) the removal of the 
excavation material (6.25 m diameter), installation of the lining, and change of the 
material in the annular gap to hard grout; and (3) a repeat of stage 2 for the second 
bored tunnel.  
For the simulation of pre-convergence, the CCM was implemented for each 
tunnel according to the grout pressure method (Moller 2006) before lining installation, 
followed by modeling the time-dependent pressures and properties of the annulus grout 
summarized in Figure A.6. In each pre-convergence model a total of 19 stages were 
calculated for each tunnel, with 9 pre-convergence stages prior to lining installation, 
followed by 9 additional calculation stages to account for the annulus grout time 
dependent behavior. The specific stages are: (Stage 1) the initial state of undisturbed 
ground; (Stages 2-10) removal of the excavation material and the annulus gap material, 
incremental reduction of the confinement pressure (increasing 𝜆 from 0-0.92 in equation 
3) down to the anticipated displacement (corresponding to 𝜆=0.92) at the shield tail 1.6 
diameters (10.5 m) behind the tunnel face; (Stage 11) installation of the lining and 
annulus grout material with fresh grout properties, and application of the grout pressure 
acting on both the lining and the excavation boundary; (Stage 12) removal of grout 
pressure; (Stages 13-19) time-dependent hardening of the annulus grout to its final 28-
day strength. After the completion of the first tunnel excavation sequence the same 




Figure A.7. The 2D model used for the calculation of cross-section 1 
 
A.5. RESULTS AND DISCUSSIONS 
Cross-section 1 included two instrumented rings installed in the second tunnel 
(SB) excavated. Strain gauge measurement collection began 63 days after ring 
installation. Strain gauge measurement continued for 500 days after SB tunnel 
construction at this cross-section. While in cross-section 1 strain monitoring was done 
only at the second tunnel, in cross-section 2 both tunnels were monitored; one ring in 
the NB tunnel that was excavated first, and two rings at the SB tunnel that was 
excavated second. Unfortunately, data collection began 50 days after the second tunnel 
passed the monitored cross-section. Strain gauge measurement continued for 390 days 
beyond SB tunnel construction at this cross-section. The values shown in Figures A.7 
and 8 are taken at 55 days after the second TBM pass having a distance greater than 
20 diameters and hardened annulus grout. 
Force development in the first tunnel 
Figures A.8a and A.8b show results from the two analysis approaches of the first 
tunnel at cross-section 1. For each numerical calculation two stages are displayed: the 
first stage is after the excavation and support of only a single tunnel, and the second 
stage is after the excavation and support of the second tunnel, constructed at a distance 
of 2D between axes. With no instrumented rings in the first tunnel excavated, comparing 
only between the two approaches, a significant increase of bending moments and thrust 
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forces is seen in the model accounting for pre-convergence as a result of the second 
tunnel excavation. However, in the ‘wished into place’ model a negligible change in 
bending moment and a slight change in thrust force is observed. While the difference in 
maximum absolute value of bending moment between the two methods at the final 
stage is only 2%, the thrust force estimated when pre-convergence is allowed is lower 
by about 35% from the wished into place approach. Figure 9b shows a similar thrust 
force behavior in cross-section 2 between the two approaches as observed in cross-
section 1. Figure A.9b also shows a much better agreement between the field 
measurements and the approach allowing pre-convergence. Despite the good 
agreement between the thrust force measurements and the estimated forces using the 
pre-convergence approach, the bending moments measured fit the wished into place 
prediction better (Figures A.9a). 
 
Figure A.8. Cross-section 1 in the first tunnel: (a) Bending moment (kN-m/m) and (b) 




(a) First tunnel Moment 
(kN*m/m) 






Figure A.9. Cross-section 2 in the first tunnel: (a) Bending moment (kN-m/m) and (b) 
Thrust force (kN/m) diagrams after first tunnel excavation, and after to second tunnel 
excavation 
Force development after second tunnel excavation 
In both cross sections, liner loads were measured at the second tunnel (SB) excavated. 
In Figure A.10b, it can be observed that the measured thrust forces at cross-section 1, 
are in better agreement with the predicted forces using the pre-convergence approach, 
and are within an error of 5-30%. Where in the ‘wished into place’ approach the 
predicted values differ by 50-100%. Figure A.11b showing the thrust forces at cross-
section 2 match the behavior observed in cross-section 1 (Figure A.10b) with the 
measured force in good agreement with the pre-convergence model which are also 
lower by about 50% from the ‘wished into place’ approach. Similar to what was 
observed in the first tunnel at cross-section 2, the bending moments at both cross-
section 1 (Figure A.10a) and cross-section 2 (Figure 11a) good agreement with the 
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Figure A.10. Cross-section 1 in the second tunnel: (a) Bending moment (kN-m/m) and 
(b) Thrust force (kN/m) diagrams 
 
Figure A.11. Cross-section 2 in the second tunnel: (a) Bending moment (kN-m/m) and 
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A.6. CONCLUSIONS  
This study presented a comparison of 2D plane strain numerical calculations with 
and without the use of convergence-confinement method (CCM) principles. The results 
of the analysis are validated with bending moment and thrust force from field strain 
gauge measurements during the Northgate Link project in Seattle. From this series of 
analysis the following conclusions are drawn: 
Thrust forces predicted using the no pre-convergence approach (wished into 
place) results in forces higher than the forces measured by 50-150%, while when 
accounting for pre-convergence (CCM) the thrust forces estimated are with 20% of the 
measured force in average. 
Contrary to the prediction of thrust forces, bending moments predicted using the 
no pre-convergence approach (wished into place) resulted in better agreement 
compared to the very low bending moments predicted when accounting for pre-
convergence (CCM). 
The calculation of the internal lining forces without taking into account pre-
convergence is commonly perceived as conservative in that it typically results in higher 
bending moments and thrust forces. However, the measured combination of a high 
bending moment with low axial force in fact finds this approach can be unconservative, 
and in some situations can lead to exceeding the thrust-moment (N-M) capacity 
envelope. 
Although some may believe that a simplified analysis that neglects the effects of 
relaxation is a more conservative design approach, this may not be the case. 
Combining the discussed approaches with different expected face pressures should be 
used to build the loading cases used in the design of segmental pre-cast concrete 
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GROUND-LINER INTERACTION DURING SEATTLE NORTHGATE LINK CROSS-
PASSAGE CONSTRUCTION 
A paper published at the North American Tunneling Conference 2018 
Tamir Epel6, Mike Mooney7, Marte Gutierrez7, Kurt Braun7, Mike DiPonio8, Nate Long9 
B.1. ABSTRACT 
This paper presents the results and analysis of field measurements to 
characterize ground-liner interaction and the development of thrust force and bending 
moment in segments adjacent to openings during cross passage construction. The 
instrumentation and data collection of segment strain measurements during cross 
passage construction made possible by embedded wireless sensors enables a 
complete picture of thrust-moment evolution and ground-liner interaction. The results 
show how different excavation and construction activates load the cross-passage 
opening and the contribution of different supporting elements. 
B.2. INTRODUCTION 
Cross-passages (CP) are an essential requirement in modern twin transit tunnels 
for emergency egress. In most countries, the minimum requirements are outlined in fire 
protection regulations, which usually require a maximum distance of 200-250 m 
between cross-passages, as in the National Fire Protection Association Standard 
(NFPA 130) required in the US. In current US practice, cross-passages are constructed 
via the sequential excavation method (SEM). Prior to the opening in the existing support 
of the completed main tunnel, ground improvement is often needed, followed by 
temporary support using structural elements around the opening, then opening of the 
existing lining and careful excavation and support towards the opposite tunnel.  
The three-dimensional nature of a cross passage opening and excavation 
perpendicular to the main tunnel is complex and has not been extensively addressed in 
 
6 Colorado School of Mines 
7 L-7 Services LLC 
8 Jay Dee Contractors, Inc. 
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the literature. Most of the scarce research that has been done, was done on stress 
concentration around openings in circular tunnels with monolithic lining (Jones 2007, 
Spyridis and Bergmeister 2015). Jones (2007) studied stresses in sprayed concrete 
tunnel intersections by 3D computational modeling. He found that the maximum axial 
stress concentration factor was about five and the maximum bending stress 
concentration factor was just over two for the base case model. In addition, he 
concluded that construction sequence and the explicit modelling of the ground-structure 
interaction controlled the stress concentration at the tunnels junction. Kuyt et al. (2016) 
studied field data collected from cross passage construction between twin segmental 
lining supported tunnels in mixed ground conditions with CP opening supported by steel 
segments. They found that a relatively minor (10%) transfer of loads onto the segments 
surrounding the opening, as the ground and installed steel jacking props took most of 
the hoop forces from the opening ring.  
Due to limited available knowledge, designers approach CPs with a high degree 
of conservativism. Either a full ring beam (so called ‘hamster cage’) or vertical steel 
propping with or without a header beam is the most commonly used approaches (see 
Figure B.1), though steel segments can also be found in some projects. With the 
advances made in 3D computational modeling, less conservative solutions are being 
used in recent years. Shear bicone dowels are common, although, in most cases, 
additional elements are used as “belts and suspenders”. In this paper, data from strain 
gauges installed in the segmental lining at two cross-passage opening locations on the 
Seattle Northlink tunnel project are analyzed during the excavation process.  
     
Figure B.1. Left: Ring beam installed in Northgate link CP. Right: Vertical steel propping 
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B.3. PROJECT BACKGROUND 
Northgate Link Project  
The Northgate link Extension project includes 5.6 km (3.5 mi) of twin bored 
tunnels and 23 cross-passages that is expected to be completed by 2018. The tunnels 
run from the University of Washington to Maple Leaf Portal in north Seattle. The twin 
bored tunnels were constructed using two EPB TBMs with excavation diameter of 6.64 
m and supported in a single pass, gasketed segmental lining, 25 cm (10 inch) thick, and 
an outer diameter of 6.25 m (20.5 ft). The geology of the area through which the tunnels 
were constructed, consists of complex and highly variable interlayered glacial and non-
glacial soil deposits (Figure B.2). As part of the geotechnical baseline work, the 
geological units were grouped into engineering soil units (ESU) based on their 
behavioral characteristics. All tunnel excavation was done in the following glacially 
overridden ESUs; till and till-like deposits (TLD), cohesionless sand and gravel (CSG), 
cohesionless silt and fine sand (CSF) and cohesive clays and silts (CCS). Most cross-
passages were excavated under the groundwater table with a water pressure at the 
invert of up to 300 kPa (3 bars), and highly variable interlaying soil units with 
permeability ranging from 10-2 to 10-7 cm/sec.  
 
Figure B.2. Left: Northgate link alignment in plain view (source Sound Transit). Right: 
Geological cross section between stations 1362+00 to 1390+00.  
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Geology and Dewatering 
In this paper, two of the 17 monitored cross-passages (CP) will be discussed, 
CP-39 and CP-41. The two cross-passages were excavated according to support 
category 2 (Pyakurel et al.) and have cross sections with excavation width of 5 m (16.33 
ft) and excavation height of 5.5 m (18 ft). The support system of support category 2 
included 20 cm (8 in of shotcrete (including 5 cm of flashcrete), 3 bar lattice girders 
spaced at 90 cm (3 ft), and systematic 3 m (10 ft) long spiling. The excavation of both 
cross-passages was performed from the NB tunnel towards the SB tunnel, where the 
instrumented rings are located. The excavation was performed by top heading and 
bench with round lengths of 90 cm (3 ft). 
The segmental lining of the main tunnel was saw-cut, creating a 3x3 m2 opening 
(the width equaling exactly 2 segments). The opening was supported by 6 shear bicone 
dowels that were pre-installed on each segment’s circumferential joint and 4 shear 
bicones on each key or counter key circumferential joint (32 in total per each 
circumferential joint). Three circumferential joints are connected at each opening by the 
shear bicones, the two rings that were cut and the adjacent ring on each side (see 
Figure B.3). The shear bicones were used to transfer the load from the opened 
segmental rings to the adjacent rings. In addition, vertical steel propping was installed at 
the break-outs and break-ins at the cross-passages discussed in this paper. 
The excavation of CP-39 was expected to be performed through cohesionless 
sand and gravel with permeability in the order of 10-2 to 10-5 cm/sec. With the 
groundwater table before excavation of CP-39 approximately 1.5 m (5 ft) above the CP 
invert, systematic depressurization prior to break out was necessary to improve short 
term stability of the cross-passage excavation. Surface dewatering started 30 days prior 
to the break-out of CP-39 and was lowered to about 3m beneath the CP invert. No 
water was encountered during the excavation of the CP. During the excavation of CP-
39, cohesionless sand and gravel was encountered, and exhibited slow raveling 
behavior during the excavation of the top heading that required pocket excavation. The 
geological cross-section of CP-39 consists of a top layer of about 4 m of TLD overlaying 
CSG continuing down under the tunnel invert (Figure B.4a). 
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For CP-41, although the groundwater table was expected to be 13 m above the 
CP invert, probe drilling performed before cross passage excavation found dry 
conditions, and no dewatering was needed. During the excavation of CP-41, stiff to very 
stiff silty clay (CCS) was encountered at the top heading with a layer of CSF at the SB 
tunnel intersection CP crown, and very dense peat in the bench/invert that exhibited 
very stiff behavior, similar to the CCS (Figure B.4b). Some raveling behavior of the clay 
occurred in the crown due to very thin sand layers (< 5mm). The geological cross-
section of CP-41 consists of non-glacial deposits from the surface to a depth of about 8 
m over-laying CCS down to about 3 m under the tunnel invert over-laying CSG and a 
thin layer of CSF just above the tunnel crown. No ground improvement was performed 
at either CP. 
 
Figure B.3. Cross-passages opening support measures and instrumented rings with 32 




Figure B.4. a) Geological cross-section of CP-39. b) Geological cross-section of CP-41. 
B.4. INSTRUMENTATION & MONITORING 
Segment Strain Gauges 
Vibrating wire strain gauges were installed in select pre-cast concrete segments. 
In total, 102 segments in 34 rings at 17 cross-passage locations were instrumented. 
Two out of the 17 cross-passages that were monitored are discussed in this paper. At 
each cross passage, two rings were instrumented. One instrumented ring that was 
eventually cut for the cross-passage entrance will be referred to as the opening ring, 
and a second instrumented ring adjacent to the opening will be referred to as the 
adjacent ring (see Figure B.5). Each ring is comprised of four segments plus 
geometrically similar key and counter key. Three segments of each selected ring were 
instrumented – two full segments plus a key or counter key. Each instrumented 
segment was outfitted with a set of two vibrating wire strain gauges welded to the 
reinforcement cage, one at the intrados and one at the extrados as shown in Figure B.6. 
The strain gauges were installed on supplemental steel rebar (sister bar) welded 
to the longitudinal reinforcement of the segment, in the direction of the primary 
reinforcement (Figure B.6). The strain gauges were installed in a slightly asymmetrical 
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configuration due to limitations in the casting process (Figure B.6b). The intrados strain 
gauge center axis depth from the segment extrados is 58 mm (2.3 in) as the strain 
gauge is installed on #3 rebar (9.5 mm or 0.37 in in diameter) welded to the underside 
of the longitudinal 14 mm (0.55 in) diameter (i.e., away from the intrados concrete face) 
rebar welded to the primary reinforcement (14 mm diameter), and minimum clearance is 
25 mm (1 in). The extrados sister bar was installed on the exterior of the longitudinal 
reinforcement resulting in a depth of approximately 37 mm (1.46 in) for the extrados 
stain gauge center axis.  
With two strain gauges near opposite faces of the concrete segment, the thrust 
force and bending moment can be calculated. The sign convention of the thrust forces 
and bending moments presented in this paper are positive for compression thrust force, 
and positive bending moments when the segment intrados is in tension see Figure 6-d. 
The monitoring schedule included an initial zero strain reading after the welding of the 
supplemental rebar on which the strain gauge is installed, prior to casting. The strain 
gauge readings began about 110 days after the ring installation for CP-39 and 150 days 
for CP-41. 
The strain gauges were part of a wireless sensing system developed by Phase 
IV Engineering. The layout, implementation and recording program was developed in 
cooperation between the tunnel contractor JCM Northlink and designer L-7 Services. 
Collection of the strain gauges readings required passing flat panel reader antennae of 
the reading unit within 30 cm (12 inches) of the concrete surface in the vicinity of the 
embedded sensor at a frequency of every two weeks. Sufficient continuous data during 
cross passage excavation was collected only from CP-39 and CP-41. Due to 
obstructions, as utilities and invert concrete slab not all strain sensors data were 
collected continuously and some sensors malfunctioned and no reading were collected 
or no readings were collected at the time of the cross-passage construction. In other 
cases, only one strain gauge of a set of two worked and the development of thrust-
moment loading could not be analyzed. Unfortunately, the vertical steel props installed 






Figure B.5. Plan view of the typical twin bored tunnels and the cross-passage 
connection. The strain gauge instrumented rings are marked in green and the 
convergence monitoring cross-sections are marked in red. 
 
 
Figure B.6. a) Cross-section of a typical instrumented ring, with the instrumented 
segments marked A, B & C. b) Segment cross-section at strain gauge location 
(dimensions in mm). c) Strain gauge location on a typical segment plan view d) sign 
convention for bending moments and thrust force. 
Convergence and Geotechnical Monitoring 
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Convergence monitoring was performed in both running tunnels at the CP 
openings, and inside the CPs. Three cross-sections in each running tunnel at each CP 
opening were instrumented (see Figure B.5). In each cross-section, five optical 
reflective targets were installed according to the configuration shown in Figure B.7. A 
manual survey was performed on a daily basis, beginning 20 days prior to break-out. 
Inside each cross passage, two cross-sections were instrumented in the first one-third 
of the excavation length and in the second one-third of the excavation length. Three 
targets were installed in each cross-section, one at the crown and two at the spring-line 
of the CP as shown in Figure B.7. The targets were installed in the full initial lining (20 
cm of shotcrete) of the top heading. The first measurement (“zero” measured 
convergence) was taken before advancing to the next round of excavation. With 
maximum displacement measurements of up to 5 mm only and a measurement 
accuracy of ±1 mm, a connection between specific activities and the convergence 
monitoring could not be determined. Further, to establish a trend of behavior, the strain 
gauge data was analyzed using a moving average filter. Surface settlement was also 
measured on a daily basis, at three points above each CP; over the axis of the NB main 
tunnel, over the mid-length of the CP and over the axis of the SB tunnel.  
 
Figure B.7. Convergence monitoring optical target locations. On the left are running 





B.5. EXPERIMENTAL RESULTS 
Thrust-moment results and convergence monitoring data are presented against a 
timeline of the construction sequence for each CP in Figures B.8a and B.9a. 
Displacement measurements are very small; recall due to manual survey, these 
measurements have an accuracy of +/- 1 mm. Therefore, much of the day to day 0.5 
mm fluctuations in these displacements are likely not reliable. It is also worth noting that 
strain gauge data were recorded continuously, so their changing response is temporally 
accurate. Convergence monitoring data, however, was recorded manually and is 
reported to the nearest day. Therefore, temporal comparison of strain and convergence 
events is challenging.  
The typical round of excavation of the top heading (TH) took between 1-2 days 
(with the exception of TH2 in CP-39 that took 5 days), and the typical excavation of the 
bench (B) took one day (with the exception of B2 in CP-41 that took 4 days), excluding 
weekends and Christmas that took place during the excavation of CP-39. For both CPs, 
the excavation stages were grouped into four construction sequences according to their 
influence on the measured stresses. 
Figure B.8b shows thrust forces and moments development in the ring adjacent 
to the CP-39 opening. The pre-CP positive bending moment indicates the ring is egging. 
During construction of CP-39, only one set of strain gauges was functional in each 
instrumented ring, denoted segment B in each ring. No significant change in SB ring 
segment loading occurs during sequence #1. At this point, the distance between the 
face of excavation to the SB tunnel sidewall greater than 3 m (0.5D).  
During sequence #2, a 7% increase in thrust force is observed after TH4 
excavation when the CP face is 0.33D from the SB tunnel. No noticeable change in 
bending moment occurs. At the beginning of sequence #3, another 7% increase in 
thrust force is observed after the excavation of TH5, together with a 40% decrease in 
bending moment. These load changes suggest some loss of lateral soil support at the 
spring-line of the SB tunnel that would manifest as a net squatting behavior, i.e., the 
intrados is compressing and extrados extending. Following the excavation of TH5, no 
work was performed for a week (Christmas). Another significant decrease in bending 
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moment is observed during this time. The bending moment is near zero at this point; 
however, the thrust force is at its greatest.  
In sequence #4, a sharp change in bending moment occurs as the last CP 
rounds are excavated. A significant negative moment develops, consistent with ring 
squatting, as the lateral ground support is removed. The squatting behavior is clear in 
the SB tunnel convergence monitoring shown in Figure B.8c. Here, the crown 
monitoring prisms M1 and M2 move downward (positive displacement is upward) while 
the invert monitoring prism M5 moves upward. 
During the break-in cutting of the opening ring, a sharp decrease in adjacent ring 
thrust force and bending moment is observed. This maybe a result of releasing the 
moment transferred from the opening rings through the circumferential joints by coupled 
forces transferred through the high shear capacity of the bicone shear dowels. 
However, this releasing of moments is not seen in the convergence monitoring as a 
result of the break-in cutting of the opening ring. Following the opening both data sets 
show a stable condition with no additional loading and displacements. Following the 
break-in to the SB tunnel, the resultant thrust force in the adjacent ring is only 10% less 
(1600 kN/m) than it was prior to CP construction (1750 kN/m). The bending moment 
changed significantly from +22 kN-m/m to -8 kN-m/m.  
The opening ring analysis is not shown here as no significant change in loading 
was observed throughout the excavation sequence. However, the opening ring shows a 
steady to slight decrease of about 20% thrust force in the tunnel crown and an increase 
in positive bending moments (inner fiber in tension) during the first sequence. This may 
also be a result of the ring deforming to a more squatting position as is seen in the 
adjacent ring due to the relaxation of the ground behind the sidewall allowing the ring to 
deform and transferring some of the thrust forces to the vertical steel prop.  
The loads on the opening ring crown remain stable during sequences #2 & #3, 
and during sequence #4 the moments drop gradually down to zero at the time of saw-
cutting of the ring. The gradual reduction in bending moment as the soil behind the ring 
is excavated is due to the segment unconfined by the soil. From the CP convergence, a 
similar displacement is observed at the crown and sidewalls that may indicate a lateral 
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stress ratio close or smaller to one (Ko ≤ 1) as the tunnel geometry has a small radius 
crown and large radius walls (i.e., more deformation is accepted at the large radius). 
 
Figure B.8. (a) CP-39 with excavation timeline. Excavation stages are grouped into 4 
major sequences. (b) Adjacent ring thrust and moment development vs CP construction 
timeline (day zero is the opening of NB segments at the CP entrance). During the time 
of CP-39 construction, only segment B at the sidewall was working. (c) CP-39 SB 
adjacent ring vertical displacement vs time (day “zero” is NB break-out), on the right 





During the construction of CP-41 no strain gauges in the opening ring functioned 
correctly. In the adjacent ring, two sets of strain gauges worked from the time of break-
out. The sensors in segment A located between spring-line and invert worked 
continuously throughout the CP construction. The sensor in segment B, located at the 
tunnel crown, stopped working 7 days after break out.  
The thrust-moment loading prior to CP construction indicates higher lateral than 
vertical stress conditions, as the crown moment is negative. It is difficult to interpret the 
ring flexural state from segment A data due to its location at the 7:20 clock position. In 
this clock position vicinity, and assuming an egging shape, moment would be 
transitioning from negative at the invert to positive at spring-line.   
In sequence #1, no significant change in thrust force is observed in either 
segment (segment B data suggests some change but then goes off-line on day 7). The 
bending moment in segment B experiences a sharp change around day 6, decreasing 
in negative magnitude. This would be consistent with a net squatting behavior due to a 
reduction in lateral ground support. Segment A gradually grows more negative 
throughout sequence #1, from day 6 to day 14 when the TH4 face is about 2 m (0.33D) 
away and the bench is about 4 m (more than 0.5D). This results in a greater relaxation 
above the spring-line than below, and may be the reason for this increase in negative 
moment. 
As the excavation of the bench advances in sequence #2, significant overbreak 
occurs at TH5 and a 21% decrease in negative moment is observed in segment A. In 
sequence #3, two sharp decreases in negative bending moment occur in segment A as 
TH excavation reaches the SB tunnel segmental lining, and as the bench excavation 
advances to less than 2 m (0.33D) from the SB tunnel. The bending moment changes 
from negative to positive as the ring is no longer constrained by the soil at the CP top 
heading.  
In sequence #4, a sharp change from a positive bending moment back to 
negative bending moment happens as the last bench is excavated and the break-in 
segments are cut. Following the break-in of the SB opening, the final value of thrust 
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force returns to the about the same value as before CP construction and the bending 
moment decreases by 150%. 
Figure 9c shows the convergence monitoring data with a relatively high 
uncertainty in measurement of ±1 mm for maximum measured displacement of 4 mm. 
Nevertheless, a general trend of squatting is observed beginning in sequence #2. While 
the cross-passage convergence is not shown here due to space, the side walls 
converge inwards 3-4 mm the crown deformed outwards 3-6 mm, indicating high 
horizontal stresses as expected in the CCS. Stability of the deformation was achieved 
only after break-in, and at the cross section at the 1st third of CP length, 75% of the 





Figure B.9. (a) Longitudinal section of CP-41 with construction timeline. Excavation 
stages are grouped into 4 major sequences. (b) Adjacent ring thrust and moment 
development over CP construction timeline (day zero is the opening of NB segments at 
the CP entrance). During the time of CP-41 construction, segment B worked up to day 7 
after Break-out and segment A worked throughout the CP construction. (c) CP-41 SB 








The strain measurements collected during excavation of the Northgate Link CP 
construction show the change in internal thrust and moment in the segmental lining at 
CP openings. The development of the loads is linked to the advance of the excavation 
towards the break-in. While the measurements collected and presented here only 
address behavior at the break-in side, a number of important observations and 
conclusions were made. Significant relaxation of the ground behind the break-in support 
was observed when the distance from the face of excavation was smaller than 0.5-0.7D. 
This relaxation behind the CP opening results in unsymmetrical squatting of the running 
tunnel and increased bending moments. 
While the bicone shear dowels are designed to transfer the thrust force from the 
opening rings to the adjacent rings, the bicones on the break-in side appear to transfer 
the ring deformation to the adjacent rings increasing the moment by up to 300% from 
geostatic pre-CP conditions before saw-cutting the opening. After the opening is cut, the 
transfer of moments is released. Unlike a common design assumption that a stress 
concentration of 3-5 times exists around an opening, when using additional opening 
support elements such as the ring beam or vertical steel props, the concrete segmental 
lining around the opening experienced no increase in thrust force and even a decrease.    
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SEATTLE NORTHGATE LINK STRAIN GAUGE DATA 
  
Figure C.1. Strain measurement at ring 3390 located at cross-passage 22. 
  
Figure C.2. Strain measurement at ring 3388 located at cross-passage 22. 
  




Figure C.4. Strain measurement at ring 3098 located at cross-passage 24. 
  
Figure C.5. Strain measurement at ring 2563 located at cross-passage 27. 
  




Figure C.7. Strain measurement at ring 2474 located at cross-passage 28. 
  
Figure C.8. Strain measurement at ring 2472 located at cross-passage 28. 
  




Figure C.10. Strain measurement at ring 2313 located at cross-passage 29. 
  
Figure C.11. Strain measurement at ring 2162 located at cross-passage 30. 
  




Figure C.13. Strain measurement at ring 2162 located at cross-passage 31. 
  
Figure C.14. Strain measurement at ring 2162 located at cross-passage 31. 
  




Figure C.16. Strain measurement at ring 1506 located at cross-passage 34 NB. 
  
Figure C.17. Strain measurement at ring 1507 located at cross-passage 34 SB. 
  




Figure C.19. Strain measurement at ring 1364 located at cross-passage 35. 
  
Figure C.20. Strain measurement at ring 1207 located at cross-passage 36. 
  




Figure C.22. Strain measurement at ring 1047 located at cross-passage 37. 
 
Figure C.23. Strain measurement at ring 1045 located at cross-passage 37. 
 




Figure C.25. Strain measurement at ring 906 located at cross-passage 38. 
  
Figure C.26. Strain measurement at ring 747 located at cross-passage 39. 
 




Figure C.28. Strain measurement at ring 615 located at cross-passage 40. 
 
Figure C.29. Strain measurement at ring 613 located at cross-passage 40. 
  




Figure C.31. Strain measurement at ring 462 located at cross-passage 41. 
  
Figure C.32. Strain measurement at ring 159 located at cross-passage 43. 
 
